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Front page: The illustration shows a reinforced concrete (RC) member which passes through 
four phases; Un-cracked (I), Crack forming (II), Crack stabilised (III) and Failure (IV). The 
propagation is governed by increased loads or degradation. Both of these could be time 
dependent during certain conditions, which imply that the stiffness of an RC members in time 
could also develop in this manner. The present research has focused on the bending stiffness 
used as a performance indicator, and how it can be used from a bridge management perspective. 
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Summary 

Optimizing the use of existing civil reinforced concrete (RC) structures could be 
interpreted in such a way as to say that the capacity should be used and taken care of in 
an effective manner, both from a technical and economical point of view, keeping the 
safety in mind. Achieving this requires thorough understanding of the structure and 
also of the tools used for assessing current and future capacity and needs.  

Monitoring together with finite element modelling could give relevant and important 
information about a structure’s capacity. In a case where monitoring alone is used, it is 
beneficial if a quantity is monitored which is interpretable on material and geometrical 
level. It is further important that the measure is practically possible to capture, and that 
it reflects the behaviour in a theoretically well-known mode. One example of a 
quantity which fulfils these requirements is the bending stiffness. In the Serviceability 
Limit State (SLS), in particular, a high bending stiffness is beneficial as this reduces 
deflections, vibration amplitudes and crack widths.  

It is shown within the thesis that four phases are distinguished during loading of an RC 
member; Un-cracked phase (I), Crack forming phase (II), Crack stabilised phase (III) 
and Failure phase (IV). It is also shown that corrosion and flexural strengthening are 
possible to capture through the bending stiffness by monitoring the curvature. Linear 
elastic theory has in addition been concluded to give satisfactory results in terms of 
good agreement between measured and theoretical results. It is shown that it is possible 
to determine the highest load which the structure has been previously exposed to, 
presuming that the structural element has not reached phase (III). The stiffness is almost 
constant in phase (III) which implies that it is the same for a certain load interval. One 
limitation coupled to the stiffness plateau formed in phase (III) is that it is difficult to 
predict a possible failure by monitoring the bending stiffness, caused by the limited 
forewarning prior to the beginning of phase (IV). Other tools, such as reliability-based 
assessment, become especially important here since active degradation, for example, is 
difficul to verify by curvature measurements in phase (III). Estimating the safety, and 
also finding the probable failure mode is important since curvature measurement is not 
effective in the Ultimate Limit States (ULS) and only captures the behaviour in 
bending. In the reliability-based assessment, the agreement between analytical results 
and actual capacity of the particular failure mode must be treated with special attention, 
since it has been shown that the model uncertainty can affect both the safety level and 
also probable failure mode. If it can be shown from monitoring that the structure is 
located within phase (I) the load effect during the past time has not affected the 
integrity of the structure in terms of bending cracks.  



IV

It is preferrable to use the global curvature when evaluating the bending stiffness, since 
this property gives a more robust average curvature and also additional information 
about the structural member. Especially changing bond properties, during e.g. 
corrosion, is more likely to be detected if the global curvature is monitored. Another 
important conclusion is that the local and global stiffness development is very similar. 
This implies that a crack at a certain location is not allowed to increase without 
redistribution of stresses, which affects the global stiffness in an comparable extent. Two 
criteria are suggested for the least distance over which the global curvature should be 
measured, LG. The first one concerns the fact that at least four macro cracks is 
suggested to be covered and is based on the maximum crack spacing recommended by 
Eurocode (2004). The other requirement is that the distance should not be that small 
that the estimated deflection become less than one hundred times the in-built 
measurement error in the displacement gauge. A measurement error above one percent 
is hence not allowed.  

Curvature assessment could be useful from three different aspects  

Condition assessment. The monitored quantity is back-calculated to input data, 
such as material property or geometry. That is, solving the inverse bridge 
management problem. Decisions about the use of the structure are then based 
on the outcome of this assessment.  

Refined calculations in serviceability and ultimate limit states. Use the results to refine 
the models used for SLS and ULS performance. For example, it might be 
possible to treat the structure in its actual condition.  

Optimized LCC. Time until a major repair and/or strengthening procedure is 
estimated using the bending stiffness development captured by curvature 
measurement.  

The approach using bending stiffness as a performance indicator is applied in two case 
studies in Sweden, the Panken road bridge located east of Karlstad and the railway 
bridge located in Örnsköldsvik. The Panken Bridge was located within phase (III) 
(crack stabilised phase), while the Örnsköldsviks Bridge was located within phase (I) 
(un-cracked phase). It is shown in these case studies that monitoring of the bending 
stiffness through curvature measurements can give valuable information regarding how 
the structure is affected by loads and/or degradation. One challenge when evaluating 
the bending stiffness from curvature measurements is that time dependent mechanisms, 
e.g. creep, could affect the curvature but not necessarily the bending stiffness. Time 
dependent mechanisms will thus give rise to what is here defined as a “fictitious 
stiffness change”. Any movement or deformation which produces a fictitious stiffness 
change must be given extra attention to avoid misleading results. Another challenge is 
that monitoring is commonly performed for additional loading, which means that the 
curvature caused by the dead weight of the structure itself is in most cases not captured. 
Further research is suggested to address the effects of these phenomena for curvature 
assessment applications.  
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Sammanfattning 

Befintliga anläggningskonstruktioner kan i vissa fall utnyttjas bättre ur bärighets- och 
säkerhetssynpunkt ifall verkliga förutsättningar kan fastställas. Detta kräver en grundlig 
förståelse av själva konstruktionen och de verktyg som används för att fastställa 
nuvarande tillståndet och för att kunna förutsäga den framtida. De verkliga 
förutsättningarna kan bestämmas genom att konstruktionens verkningssätt registreras 
genom mätning, alternativt i kombination med till exempel numerisk modellering. I 
fall där mätning alena används för att dra slutsatser om konstruktioner är det fördelaktigt 
om den mätta storheten är baserad på geometriska mått och materialegenskaper. Vidare 
är det viktigt att storheten är möjlig att fånga utifrån praktisk mätsynpunkt, och att 
storheten påvisar beteendet i en teoretiskt välkänd mod. En sådan storhet som uppfyller 
dessa krav är böjstyvheten. Böjstyvheten är dessutom ett viktigt mått, speciellt i 
brukgränstillståndet där deformationer, vibrationer och sprickvidd är av stor betydelse.  

I avhandlingen är det påvisat att under pålastning av ett armerat betongelement utsatt 
för böjning kan fyra stadier särskiljas; osprucket (I), sprickbildning (II), stabiliserade 
sprickor (III) och brott (IV). Vidare kan effekterna av uppsprickning, korrosion och 
förstärkning i böjning registreras genom att utvärdera böjstyvheten från 
krökningsmätning. Analytiska linjärelastiska modeller under antagande om att plana 
tvärsnitt förblir plana har visat sig ge tillfredsställande resulat vid jämförelse med 
uppmätt styvhet. Vidare är det visat att det är möjligt att verifiera den högsta last som 
det krökta och armerade betongelementet historiskt varit utsatt för, förutsatt att 
elementet inte kommit in i stadie (III). Väl inne i stadie (III) utvecklas styvheten i 
princip konstant ända till stadie (IV), vilket resulterar i att styvheten är densamma över 
ett visst lastintervall. En begränsning kopplat till styvhetsplatån i stadie (III) är att det är 
svårt att utskilja när brott är nära, beroende på att styvheten påverkas relativt lite i 
relation till lasten. Fortsatta undersökningar baseras på spruckna förhållanden samt 
verkliga materialegenskaper och geometrier. Andra verktyg, såsom sannolikhetsbaserad 
utvärdering, blir här synnerligen viktig eftersom det i stadie (III) inte går att se några 
tydliga tecken på till exempel fortgående nedbrytning. Utifrån en sådan analys 
uppskattas säkerheten mot brott och även trolig brottmod. Skulle en annan brottmod 
vara mer trolig än böjbrott måste detta tas med i utvärderingen speciellt med åtanke på 
att krökningsmätning endast fångar beteendet i böjning. Det har visats att 
modellosäkerhet är viktigt att ta hänsyn till vid en sannolikhetsbaserad utvärdering på 
grund av att både säkerheten samt trolig brottmod påverkas.   

Om det kan bevisas genom mätning att konstruktionen befinner sig i stadie (I) går det 
att dra slutsatsen att den inte påverkats av de påförda lasterna under den gångna tiden.  
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Det är föreslaget att global krökning används istället för lokal vid bestämning av 
böjstyvheten. Detta förklaras med att den globala krökningen ger ett mer stabilt 
medelvärde samt att det går att dra mer slutsatser ifrån denna. En annan viktig slutsats är 
att den globala och lokala styvheten utvecklas precis på samma sätt under pålastning. 
Detta innebär att en specifik spricka inte tillåts växa till utan att en omdistribuering av 
spänningar sker, vilket då påverkar det globala beteendet i jämförbar utsträckning.  

Två kriterier är föreslagna för den kortaste sträcka som inte bör understigas vid mätning 
av global krökning, LG. Det första kravet beaktar att minst fyra makrosprickor ska 
omfattas. Detta avstånd uppskattas genom att beräkna det maximala sprickavståndet 
givet i Eurocode (2004). Det andra kravet beaktar att det inbyggda mätfelet i 
lägesgivaren inte ska överstiga 1% av den förväntade uppmätta utböjningen.  

Krökningsmätning kan vara användbart ur tre olika aspekter 

Tillståndsbedömning. Lösa det inversa broförvaltningsproblemet. Detta görs i 
praktiken genom att en prestandaförändring förklaras antingen genom att 
geometri och/eller materialegenskaper är påverkade. Beslut angående 
konstruktionen kan sedan göras utifrån den här utvärderingen.  

Förfinade beräkningar i brukgräns- och brottgränstillstånd. Använda resultaten till att 
förfina modellerna använda för brukgräns- och brottgränstillstånd. 
Konstruktionen beaktas till exempel i sitt verkliga tillstånd.  

Förfinad LCC. Tiden fram till dess en större reparations- och/eller 
förstärkningsinsats uppskattas genom att studera böjstyvhetens utveckling i 
tiden.  

Ansatsen om att utvärdera böjstyvheten genom krökningsmätning är tillämpad i två 
fallstudier, vägbron Panken öster om Karlstad och en järnvägsbro i Örnsköldsvik. 
Krökningsmätningen visar att Pankenbron befinner sig i stadie (III), medan 
Örnsköldsviksbron är i stadie (I). Det är således påvisat att bestämma böjstyvheten 
genom krökningsmätning är värdefullt och kan ge ytterligare information om en 
befintlig betongbros skick.  

En utmatning när styvheten är bestämd utifrån krökningsmätning är att tidsberoende 
effekter, till exempel krypning, och även temperaturförändringar påverkar krökningen 
utan att nödvändigtvis påverka böjstyvheten i sig. Effekterna av dessa ger upphov till en 
skenbar styvhetsförändring. De rörelser eller deformationer som ger upphov till en 
skenbar styvhetsförändring behöver tas i beaktande för att utesluta missvisande resultat. 
En annan svårighet är att mätning normalt utförs vid tilläggslast, vilket innebär att 
krökningen skapad från egenvikten inte fångas. Vidare forskning föreslås för att 
utvärdera effekterna av dessa fenomen i krökningsmätningstillämpningar.  
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Notations and Symbols 

Upper case letters 

A Annuity cost [€,$,£] 
As Tensile steel reinforcement area [m2]
As

’ Compressive steel reinforcement area m2

B Functional relation containing load effect parametres [-] 
Bn Sum of all costs and benefits in year n [€,$,£] 
E Modulus of elasticity [N/m2]
E’ Formal long-term modulus of elasticity [N/m2]
Ec Modulus of elasticity of concrete [N/m2]
Ect Modulus of elasticity of concrete in tension [N/m2]
EI Bending stiffness [Nm2]
Es Modulus of elasticity of steel [N/m2]
F Force [N] 
F Functional relation containing parametres which cause 

fictitious stiffness change 
[-]

FA Annuity factor [-] 
G Failure function [-] 
G Functional relation containing geometries [-] 
Gf Fracture energy [Nm/m2]
Gf

b Interfacial fracture energy [Nm/m2]
h Beam height [m] 
I Moment of inertia [m4]
I( ) Indication function [-] 
Ie Effective moment of inertia [m4]
Ig Gross moment of inertia [m4]
Ig Gross moment of inertia [m4]
M Bending moment [Nm] 
Mcr Bending moment at cracking of concrete in tension [Nm] 
P Probability function [-] 
P Functional relation containing material properties [-] 
R Resistance [N, Nm] 
R Radius of curvature [m] 
RA Average load carrying capacity [N, Nm] 



VIII

RC Characteristic load carrying capacity [N, Nm] 
RD Design load carrying capacity [N, Nm] 
ReH Maximum stress along yield plateu for hot-rolled steel [N/m2]
ReL Minimum stress along yield plateau for hot-rolled steel [N/m2]
Rm Average stress along yield plateau for hot-rolled steel  [N/m2]
S Load effect [N, Nm] 
T Temperature [ C]
Y Arbitrary model for structural responce [-] 
Y’ Arbitrary model for actual structural responce [-] 

Lower case letters 

b Beam width [m] 
d Effective height of RC cross section [m] 
d’ Distance to compressed steel reinforcement [m] 
e Built-in measurement error in gauge [-] 
f( ) Functional relation [-] 
fcc Concrete compressive strength [N/m2]
fct Tensile strength of concrete [N/m2]
fd Design material strength [N/m2]
fk Characteristic material strength [N/m2]
fR(r) Frequency function describing resistance [-] 
fRS Joint density function [-] 
fS(s) Frequency function describing load effect [-] 
fy Yield strength of steel [N/m2]
pf Failure probability [-] 
r Discount rate [-] 
s1 Bond slip at maximum bond strength (steel to concrete) [m]
sg Bond slip at which no bond stress is transferred [m] 
sm Bond slip at maximum bond strength (FRP to 

concrete) 
[m]

Greek letters 

e Coefficient of thermal expansion [1/ C]

c Coefficient of thermal contraction [1/ C]
Deflection [m] 
Crack opening [m] 
Strain [-] 

cc Creep strain [-] 

el Elastic strain  [-] 

max Maximum strain in fatigue test [-] 

min Minimum strain in fatigue test [-] 

tot Total strain [-] 
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m Partial coefficient considering uncertainty in model [-] 

n Safety factor related to safety class (1.0, 1.1 or 1.2) [-] 

s Support restraint [-] 
Partial factor considering differences between real 
property and test (normally equal to 1.0) 

[-]

Creep number  [-] 
b Bending mode [-] 

Partial factor on material bearing capacity dependent on 
humidity, load duration etc.  

[-]

Curvature [m-1]

G Global curvature [m-1]

L Local curvature [m-1]
Average value [N,N/m2]

R Average value of resistance [N, Nm] 

S Average value of load effect [N, Nm] 
Model uncertainty [-] 
Stress [N/m2]
Standard deviation [N,N/m2]

l Local bond strength (steel to concrete) [N/m2]

m Maximum bond stress (FRP to concrete) [N/m2]
Creep [-] 
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1
Introduction

This chapter addresses the project background, the research topic, limitations, and also the structure 
of the thesis.

1.1 Background 

1.1.1 Increased demands and investments in infrastructure 

During the last decade a new era within the construction industry has commenced, 
where the assessment of the existing civil structures such as bridges, tunnels, retaining 
walls and dams has become more and more important. The requirements in terms of 
increased speeds and traffic volumes together with heavier railway and road freights 
have increased rapidly during the last decades. Environmental and energy aspects are 
also becoming more and more important. To help our society to be more sustainable, 
it is important to retain and use what we already have rather than investing in new 
structures. For example, instead of tearing down old, often beautiful, bridges and 
replacing them with new ones, we need to preserve and upgrade them by using better 
assessment, monitoring and strengthening methods. Considerable effort is invested 
within the research community to increase the knowledge about bridge maintenance, 
safety, life cycle performance and life cycle cost. Here could for example be mentioned 
conferences, such as IABMAS (International Association for Bridge Management and 
Safety) which has been held every other year since 2002. Another important project 
worth mentioning is Sustainable Bridges, where around thirty participants from 
different European countries have cooperated within this field.  
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The organisation for the Swedish Construction Industries (Sveriges Byggindustrier, 
www.bygg.org) released a report in 2004, Sveriges Byggindustrier (2004), in which the 
importance of investing in the infrastructure for prosperity and wealth is highlighted. 
The infrastructure described in this context was roads and railways. The most 
important results were that investments in the infrastructure lead to an increased 
productivity, lower costs, better functioning labour market and therefore an enhanced 
prosperity. Liyanage and Kumar (2003) also emphazised on the value rather than the 
cost of operations and maintenance within in the emerging oil and gas bussiness 
enviroment.  

The Swedish road network expansion was most pronounced during the years from 
1900 to 1960, when the length of the total road network was increased to be almost 
70% of the network present today. During the period 1960 to 2000 the expansion 
stagnated with an increase of the entire road length of only 7%. The development 
during these decades has created an imbalance between the capacity of the 
infrastructure and the pressure from transportation, which evidently has increased the 
burden on the infrastructure (see Figure 1-1).  

1950 1960 2000 2010
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Public road network 
(+7%)

All vehicles, vehicle kilometres 
(+245%)

Private cars, vehicle kilometres 
(+312%)

Figure 1-1. Development of transport infrastructure in relation to the transportation work, 
Sveriges byggindustrier (2004).  

The investments made today into construction repair and rehabilitation are 
considerable (Sveriges Byggindustrier, 2004). An estimated amount of approximately 1 
billion Euros is the budgeted cost in Sweden every year to operate and maintain the 
public road and railway network until the year 2015. In the foreseeable future an 
increased need for reinforced concrete (RC) repair and rehabilitation is expected.  

A functioning road and railway network is very much dependent on the bridges. The 
Swedish Road Administration reported that the annual operation and maintenance cost 
of keeping the bridges in a good condition came to about 1% of the replacement cost 
(Vägverket, 2001). During the life time 50% of the cost of a bridge comes from 
operation and maintenance.  

http://www.bygg.org
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Bridges are normally constructed for a service life of 100 years. In practice, however, 
many bridges are replaced much earlier; 60-65 years is not an unusual lifespan for a 
bridge. This is mainly governed by the demands of society for a more effective 
infrastructure. The need for greater accessibility, increased number of transports, higher 
traffic loads and increased traffic safety cause replacement of older bridges before this is 
necessitated by the end of the planned service life. In other cases, there is an interest in 
keeping old bridges as a part of the cultural heritage; this also requires thorough 
understanding when they are maintained, although the finances are perhaps of less 
importance for these particular objects.  

1.1.2 The Bridge stock – now and then 

In Figure 1-2 the year of construction is presented for all public bridges which were in 
service in Sweden in the year 2000. Although the road network has not expanded 
much since 1960 (only 7% as seen in Figure 1-1), many bridges have been constructed 
since then. As much as 64% of the total number of bridges built the last 100 years were 
built after 1960, which suggests that a large part of the bridge stock has already been 
replaced by new ones only 100 years after the beginning of the expansion of the 
transportation network. Information about why bridges have been replaced is not easy 
to find, but the author must express confidence that there is room for further 
development regarding bridge management in terms of assessment and upgrading 
procedures with the goal of keeping the existing bridges for a longer time. It is of 
special importance to find methods which are beneficial from an LCC (Life Cycle 
Cost) perspective. These facts should be enough to encourage the finding of robust 
technical and cost effective solutions for these types of structures, and learn from old 
mistakes. Ideally, the deterioration problem must be taken care of before it becomes 
critical for the structure, with replacement as the only cure.  
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Figure 1-2. The year of construction for Swedish road bridges in service in the year of 2000, 
Vägverket (2001).  
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A survey covering a large part of the existing railway bridge stock in Europe was 
carried out by collecting information from a number of railway organisations from 
different countries within the European community. From this survey the bridge age 
and type profiles were analysed. The survey covered roughly 50 000 concrete bridges 
(78% are reinforced and 21% are either pre stressed or post tensioned), 47 000 metallic 
bridges (3% are cast iron, 24% are wrought iron and 53% are steel), 90 000 arch bridges 
(52% have brick arch barrels and 33% have stone barrels), and finally, over 30 000 
steel/concrete or encased beam bridges. Of the reported number of bridges, 23% are 
made of reinforced or pre-stressed concrete, 21% are metallic, 41% are arches and 14% 
have steel/concrete composite or encased beams construction. Figure 1-3 shows year 
and span profiles for the reported bridges in the survey, and the distribution between 
different bridge types in Table 1-1.  

<20 years
11%

20-50 years
22%

50-100 years
32%

>100 years
35%

<10 metres
62%

10-40 metres
32%

>40 metres
6%

Figure 1-3. Year and span profiles for reported European railway bridges (Olofsson et al., 
2008, and Täljsten and Elfgren, 2008).  

Table 1-1. Type/year of construction profile for reported European railway bridges (Olofsson 
et al., 2008, and Täljsten and Elfgren, 2008).  

Age
[year]

Concrete Bridges, 
[%]

Metallic Bridges 
[%]

Masonry Arch 
Bridges

[%]

Composite 
Bridges

[%]
<20 25 10 1 25 
20-50 55 22 1 33 
50-100 16 40 34 35 
>100 4 28 64 7 

In dealing with spans, the data requested specified the size of individual spans in multi 
span bridges, rather than the full length of such bridges. It is clear from the survey that 
a majority of the spans are less than 10 meters. The majority of bridges built in the last 
50 years are composite and concrete bridges according to the profile in Figure 1-3, and 
the distribution between different bridges types given in Table 1-2.  
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Table 1-2. Type/year of construction profile for reported European railway bridges (Olofsson 
et al., 2008, and Täljsten and Elfgren, 2008).  

Span, 
[m]

Concrete Bridges, 
[%]

Metallic Bridges 
[%]

Masonry Arch 
Bridges [%] 

Composite 
Bridges [%] 

<10 62 45 75 47 
10-40 34 44 24 48 
> 40 6 11 1 5 

1.1.3 The importance of structural assessment of RC bridges 

Structural assessment is a vital part in order to optimize economical and functional 
aspects of the structure. It could be beneficial if structural assessment is kept in mind 
from day one of the service life. SHM (Structural Health Monitoring) has in recent 
years gained more and more attention in order to develop methods to make easier and 
more effective decisions regarding the structure. Several guidelines to assist and handle 
the use of SHM regarding civil structures have been compiled. Here could ISIS Canada 
(2001), ASCE (2006) and Weber et al. (2006) be mentioned. Repair and rehabilitation 
of concrete structures have today evolved into a multi-disciplinary science where it is 
necessary to master and combine knowledge from a number of different fields such as 
concrete technology, environmental loadings, transport mechanisms, electro-chemistry, 
structural mechanics and new materials. To assess the resistance of the structure it is of 
uttermost importance to know how the individual materials behave, and also how the 
materials work compositely in different load situations and environments. It is in 
addition important to know the intended future use of the structure to be able to 
analyse whether the structure is safe enough under the expected service conditions. 
Assessing existing structures is a skill that requires information and knowledge at 
different levels, see Figure 1-4. The micro level is where atoms form molecules which 
together create the individual materials. The chemical bindings between the atoms are 
the basis for how the material will behave. In the same way, the structural behaviour 
depends to a large extent on how the individual materials perform and interact with 
each other. The work presented in this thesis is located at the component and structure 
level along the size axis, although the understanding of the structural behaviour is based 
on the material properties as such.  

Structures Components  Material science 

[m] 1x10-12 1x10-11 1x10-2 1x10-1 1x100 1x101 1x102

Figure 1-4. From atoms to structural level when assessing existing structures.  
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1.1.4 Monitoring used in assessment  

RC structures deform due to several reasons. This may be due to loading, creep and 
temperature changes, just to mention a few. One way of predicting the performance of 
a concrete structure might be to monitor the deformations. It is of interest to see how 
the deformations are affected by for example concrete cracking, concrete creep, 
corrosion, temperature or strengthening. Today’s monitoring equipment gives the 
possibility of measuring load, strain, deflection, vibrations etc. Wireless sensor systems 
and fibre optic sensors are other examples of recent innovations developed within the 
area. Even though there are guidelines, one immense challenge is still to determine 
from monitoring whether an existing structure fulfils the current demands in terms of 
loads and traffic density. The difficulty of using monitoring in structural assessment is 
hence not coupled to the acquiring systems themselves, but perhaps more what to 
monitor and how to evaluate the results. It is in general recommended that monitoring 
is used in combination with numerical analyses and visual inspections, partly to obtain 
more information about the structure, partly to know where to monitor. Monitoring 
may in addition be used to calibrate the numerical model.  

Many different measures can be captured by monitoring a RC bridge. A few examples 
are given in Figure 1-5. In the assessment of existing structures it is beneficial if the 
deformation can be captured in such a way that it is possible to draw conclusions on a 
material and geometrical level. This means that, for a given structure, it should be 
possible to estimate the quantity theoretically. This could make it possible to explain 
the cause why this quantity changes in time. This is especially important if monitoring 
is used alone, without any comparison to FE-output for example. In a comparative case 
it might be sufficient if an absolute strain, deflection or inclination is studied. In the 
former case, an issue of deficiency should be possible to explain either by a degrading 
material or to geometry. Previous, and on-going, research has for example been 
focused on using modal analysis where different physical modal parameters are used to 
describe damage.  

Consequently, a property considered for monitoring should preferably be possible to 
attain by monitoring, reflect the behaviour of a well-known mode and it should also to 
be possible to interpret the monitoring results from a theoretical point of view. 
Consider shear in concrete structures, for example, for which it might be difficult to 
fulfil any of the above requirements. First, it is difficult to measure a shear deformation. 
Second, a shear failure is relatively brittle which means that there is not much 
deformation to capture before a possible failure occurs. Third, the shear design is still an 
issue of research and is considered complex. The bending mode, however, is possible 
to capture from monitoring and is in addition generally ductile. The bending mode is 
also considered theoretically well-known, with analytical expressions which are in good 
agreement with the response of the real structure. The traditional load versus 
deformation diagram might be difficult to use as this relation cannot directly be 
interpreted on a material and geometrical level. The bending of an element is governed 
by the bending stiffness, EI, where E is the Young’s modulus and I is the moment of 
inertia.  
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The bending stiffness contains hence information on a material and geometrical level 
and thus fulfils the last requirement above. The bending stiffness can be captured 
through curvature assessment. Using the bending stiffness as a Performance Indicator 
(PI) might therefore be possible in structural assessment.  

Deformations Inclinations 

Crack widths 

Settlements 

Strains caused 
by shear 

Strains caused 
by bending 

Curvature 

Modal 
parameters 

Figure 1-5. Measurable movements on a concrete bridge.  

1.2 Hypothesis and research questions 

In the present research the following hypothesis is stated;  

 The bending stiffness can serve as a performance indicator (PI) of concrete bridges.

Crucial research questions established regarding the use of the bending stiffness as a PI 
are;  

Can existing relationships, such as the curvature/stiffness relationship, be used in order 
to attain satisfying results when evaluating the bending stiffness from curvature 
measurements?

Which type of curvature should be used, global or local? 

What geometrical and material properties are governing for the performance of concrete 
structures?

Can a Life Cycle Cost Analysis (LCCA) benefit from a PI approach?  

1.3 Aims of research 

The overarching aim of the present research is to investigate the stiffness relationship as 
a PI for concrete structures and/or components loaded in flexure. This general aim has 
been divided into four distinct parts.  
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Firstly, investigate the strengthening and degradation mechanisms that affect the 
bending stiffness. Secondly, evaluate the effects of degradation and strengthening in the 
ULS. Thirdly, suggest an application of the bending stiffness approach to a Life Cycle 
Cost Analysis, and finally, verify the hypothesis by two field applications.  

1.4 Limitations 

The topic studied can be considered complex, and only a few of the parameters 
affecting the bending stiffness have been possible to investigate in laboratory tests. Such 
parameters are loading, degradation in terms of corrosion and strengthening using 
bonded CFRP (carbon fibre reinforced polymer). The analytical theory is limited to 
phase (I) (un-cracked) and phase (II) (cracked, but still elastic) of concrete. Only linear 
analysis is hence used when evaluating the bending stiffness from test results, and also 
when calculating the stiffness based on geometry and material properties. However, 
non-linear behavior is considered in the FE-analysis within the thesis work (Paper B).

1.5 Scientific approach and method 

The research study has followed a traditional path, from literature investigations, 
theoretical derivations, laboratory tests and evaluations and comparisons. It has been 
chosen to present the work in a thesis with an extended summary together with journal 
and conference papers. The work can in general be summarised in the following; 
stating of hypothesis; conducting a literature review; defining research questions; 
planning, performing and evaluating experimental tests; drawing conclusions and, 
finally; writing the report. The method for finding the answers to the research 
questions is divided into four parts as listed below.  

Firstly, some of the strengthening and degradation mechanisms that affect the bending 
stiffness were investigated in laboratory tests.  

Secondly, a probabilistic analysis has been used to evaluate the effects of degradation and 
strengthening in the ULS.  

Thirdly, a suggestion is given to how the bending stiffness can be used in a Life Cycle 
Cost Analysis.  

Finally, the findings in the research have been transferred to and evaluated in two field 
applications.  

Five scientific papers are appended to the present thesis. Each paper has contributed to 
different aspects in the context of the thesis, and all papers are coupled to each other as 
shown in Figure 1-6. Abbreviations are used for the papers in the schematic overview, 
and the references are given in the bottom of the figure. Three papers are directly 
connected to bending stiffness. The idea of using the bending stiffness as a PI originates 
from the work in the licentiate thesis (Bergström, 2006), also summarized in Paper A,
Bergström et al., 2008a (Appendix A).  
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It was found that the bending stiffness decreased during a degradation period of 
approximately 70 days during which corrosion affected the tensile steel reinforcement. 
Further, the degraded beams were then repaired and strengthened. Also these 
operations were found to affect the bending stiffness during failure load tests. Questions 
were raised regarding the effect of creep during the degradation period, and that was 
one reason why a FE analysis of the test was performed, presented in Paper B (Saeter et 
al., 2008 in Appendix B). It was concluded that creep influences the bending stiffness, 
because the stiffness of the tested beams exposed to long-term loading was slightly less 
than that which was found in the FE-analysis where no creep was considered.  

A new experimental test was planned in order to study the bending stiffness in more 
detail which is presented in Paper C (Bergström et al., 2008b in Appendix C), in which 
focus was put on local and global stiffness coupled to strengthening effect in SLS and 
ULS. One question which arose during the planning of this study was how to deal 
with the failure mode. Measuring the behaviour in bending, and being interested in the 
ULS capacity, is difficult if not impossible if the member fails in another way than in 
bending. The question regarding failure mode was further studied and is presented in 
Paper D, see Bergström and Carolin, 2008 (Appendix D). A calculation example of an 
RC beam identical to the specimen used in Paper D is presented in this paper.  

In 2006 a full scale railway bridge was tested to failure in Örnsköldsvik in Sweden. The 
bridge was strengthened in bending using NSMR (Near Surface Mounted 
Reinforcement). The purpose with the strengthening was to change the failure mode 
from bending to shear. The change of failure mode was successful, although the 
recorded data showed that a bending failure was very close to occurring. A paper was 
written with focus on the strengthening effect in bending, and also on the prediction of 
failure mode, Paper E (Bergström et al., 2008c in Appendix E). This paper couples 
therefore well with bending stiffness, but also to Bergström and Carolin (2008) in 
Appendix D.  

The papers are categorized from a set of key words (with corresponding abbreviation). 
Suitable abbreviation is added for each paper in Figure 1-6 under respectively paper 
name.  
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Bending 
stiffness  

Paper A Bergström, M., Täljsten, B. and Carolin, A. (2008a). Life Cycle Simulation of 
Concrete Beams – Experimental study”. Submitted to ACI – Structural 
Journal.   

Paper B Saeter, I., Bergström, M., Täljsten, B. and Sand, B. (2008). Service life cycle 
of reinforced concrete structures – Experimental study and numerical simulation.
Submitted to the journal Cement and Concrete Composites. 

Paper C Bergström, M., Täljsten, B. and Carolin, A. (2008b). Verifying the 
performance in serviceability limit state using curvature measurements. Submitted to 
Structural Health Monitoring, an International Journal.

Paper D Bergström, M. and Carolin, A. (2008). Structural safety during service life 
regarding ductile and brittle failures. Submitted to Journal of Structure and 
Infrastructure Engineering (Taylor and Francis group).

Paper E Bergström, M., Täljsten, B. and Carolin, A. (2008c). Failure load test of a 
CFRP strengthened railway bridge in Örnsköldsvik, Sweden”. Accepted for 
publication in ASCE Journal – Bridge Engineering.

Paper E 
UG,F,UL 

Paper C 
UG,F,S,UL 

Paper D 
L,D,UG,F,UL 

The beam specimen was designed 
and analysed using reliability-

based assessment in ”Paper D ”,
and tested in ” Paper C”. 

The Örnsköldsvik Bridge 
was strengthened in bending 

to produce a shear failure 
A study stiffness of a set 
of RC beams before and 
after strengthening was 

performed 

Stiffness was measured 
both long-term (during 
degradation) and short-
term (failure load test) 

Paper B 
L,D,UG,UL 

Paper A 
L,D,UG,UL

The test presented in ”Paper 
A” was analysed in ”Paper 
B” using the finite element 

software Diana 

Local and global stiffness 
was measured before 

and after strengthening 

L Life cycle 
D Deterioration 
UG Upgrading 
F Failure mode 
S SLS 
UL ULS 

Figure 1-6. Relation between appended papers to the concept of measuring the curvature 
bending stiffness.  

1.6 Thesis guide 

In order to get an overview of this thesis the chapters are listed below with a brief 
description of the content.  
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 In Chapter 2, the behaviour of reinforced concrete members is presented at the 
time when the member is exposed to different conditions such as loading, fatigue and 
temperature.  

 In Chapter 3, curvature measurement is described.  

 In Chapter 4, bridge management including Life Cycle Cost (LCC) based on 
curvature assessment is presented.  

 In Chapter 5, two case studies are presented.  

 In Chapter 6, discussion and conclusions are given in addition to suggestions for 
future research.

 Appendix A consists of Paper A titled “Life Cycle Simulation of Concrete Beams – 
Experimental Study” by Markus Bergström, Björn Täljsten and Anders Carolin, 
submitted to American Concrete Institute (ACI) – Structural Journal. Markus Bergström’s 
contributions are planning of the execution of the tests, performing the tests, evaluating 
data, developing new research questions and finally writing the paper including 
drawing the figures.  

 Appendix B consists of Paper B titled “Life Cycle Simulation of Concrete Beams – 
Numerical study” by Irina Sæter, Markus Bergström, Björn Täljsten and Bjørnar Sand, 
submitted to Journal of Cement and Concrete Composites. Markus Bergström’s 
contributions to the paper are to supply experimental data, discuss conclusions and 
write parts of the text.  

 Appendix C consists of Paper C titled “Verifying the Performance in SLS and ULS 
Using Curvature Measurements” by Markus Bergström, Björn Täljsten and Anders 
Carolin, submitted to Structural Health Monitoring, an international Journal. Markus 
Bergström’s contributions are to define research questions, leading the planning of the 
tests, performing the tests, evaluating data and finally writing the paper including 
drawing the figures.  

 Appendix D consists of Paper D titled “Structural Safety during Service Life 
regarding Brittle and Ductile Failures” by Markus Bergström and Anders Carolin, 
submitted to Journal of Structure and Infrastructure Engineering. Markus Bergström’s 
contribution to the paper is parts in research questions, planning of the research, 
performing calculations, evaluating the results and finally writing major parts of the 
paper.  

 Appendix E consists of Paper E titled “Failure Load Test of a CFRP Strengthened 
Railway Bridge in Örnsköldsvik, Sweden” by Markus Bergström, Björn Täljsten and 
Anders Carolin, accepted for publication in ASCE – Journal of Bridge Engineering.
Markus Bergström’s contribution to the paper is evaluating test data and writing major 
parts of the paper.  
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1.7 Additional publications 

Besides the appended papers, the following publications have been accomplished 
during the research work.

Thesis
Bergström, M. (2006). Life Cycle Behaviour of Concrete Bridges. Licentiate thesis 2006:59, Luleå 
University of Technology, p. 153, ISBN 978-91-85685-05-9. 

Journal Papers 

Alzate, A., Rusinowski, P., Bergström, M. and Täljsten, B. (2009). Near Surface Mounted CFRP 
– Comparison between pull-out tests and existing bond models. To be submitted. 

Bergström M. och Täljsten B. (2007). Reparation och förstärkning av betongkonstruktioner.  Bygg 
och Teknik, Nr. 7, Oktober 2007, pp. 53-62 [in Swedish]. 

Conference Papers 
Bergström M. and Täljsten B. (2006). Degradation of Structural Performance – experiment 
introduction and expected results. Proceedings of the Third International Conference on Bridge 
Maintenance, Safety and Management, Porto, Portugal, 16-19 July 2006, CD-Publication and 
extended abstracts. Bergström presented the paper.  

Bergström M. and Täljsten B. (2006). Structural Health Monitoring of degrading concrete beams in a 
laboratory environment. Third International Conference on FRP Composites in Civil 
Engineering. Miami, Florida, USA, 13-15 December 2006, pp. 335-338. Bergström presented 
the paper.  

Bergström, M., Täljsten, B. (2007). A stiffness approach for structural condition assessment.
Conference in Structural engineering, mechanics and computation (SEMC). Cape Town, 
South Africa, September 2007. Bergström presented the paper.  

Täljsten B., Bergström M., Enochsson O. and Elfgren L., (2007). CFRP strengthening of the 
Örnsköldsviks bridge – field test. Int. Conf. in Wroclaw, Poland, October 2007, pp. 355-364, 
ISBN 978-83-7125-161-0.  

Täljsten B., Bergström M., Nordin H., Enochsson O and Elfgren L. (2008). Test of a concrete 
bridge in Sweden – II CFRP Strengthening and Structural Health Monitoring. Int. Conf. IABMAS 
08, Seoul South Korea, Taylor and Francis Group, p. 3593-3600.  

Technical Reports 
Bergström M., Danielsson G., Johansson H. and Täljsten B. (2004). Mätning på Järnvägsbro över 
Fröviån. Technical report 2004:19, Luleå University of Technology, p. 75 [in Swedish].

Bergström, M., Danielsson, G., Täljsten, B. (2004). Bro över Järpströmmen – Mätning av 
påkänning före och efter förstärkning. Technical report 2004:20, Luleå University of Technology, 
p. 49 [in Swedish].  

Bergström, M., Danielsson, G., Täljsten, B. (2005). Bro över Järpströmmen – Kompletterande 
mätning av påkänningar vid tung överfart. Technical report 2005:04, Luleå University of 
Technology, p. 36 [in Swedish].

Bergström, M. (2005). Degradation of Structural Performance – Literature survey. Technical report 
2005:15, Luleå University of Technology, p. 75.  
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2
Deformation of Concrete Structures 

This chapter presents the material properties and structural behaviour during different conditions. 
Special attention is given to external forces, fatigue and temperature since those parameters are 
considered especially important in the deformation of concrete structures.   

2.1 General

It is very important when monitoring a structure to know why and how the structure 
deforms, partly because some deformations captured by monitoring can be coupled to a 
stiffness change. Amongst the most important issues causing deformations of RC 
structures are static loading, fatigue loading and temperature. Another important issue is 
how the bond properties might affect the deformations, which in turn can be affected 
by corrosion. Other causes of deformations are differentiating settlements and moisture, 
although they have not been covered within this research. Short-term loading is a 
loading sequence with such pace that time-dependent effects are not visible. The 
loading sequence is thus in the order of minutes and hours. Long-term loading is where 
the structure, or structural element, is subjected to a constant load which is applied for 
a long time. The loading sequence is here in the order of months and years, and gives 
rise to creep movement. The fatigue behaviour is captured when a structural member is 
exposed to numerous loading cycles, i.e. 103 to 107.

The temperature affects materials in several aspects. Firstly, changing temperature 
makes materials contract or expand. Secondly, the material properties might also be 
affected.
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An arbitrary RC beam exposed to long and short term loading, fatigue loading and 
temperature is illustrated in Figure 2-1. After each section some general conclusions 
about how this RC beam will typically deform is discussed.  

m

Reinforcing steel Concrete 

Figure 2-1. Deformations of an RC beam, here shown by the mid-span deflection, m, and 
curvature, , caused by different loading situations.  

2.2 Static loading 

2.2.1 Concrete

Concrete deforms due to stress which can be introduced through external or internal 
loads. The instantaneous and time dependent deformations are normally separated. The 
first arises due to the on-set of loading while the latter occurs thereafter, if the load 
remains, as can be seen in Figure 2-2. The deformation can further be divided into a 
reversible and an irreversible part. The creep rate is fastest in the beginning and 
decreases thereafter, but the concrete creep never ceases. If the concrete is unloaded at 
a later point in time, the deformation decreases in the opposite manner, partly through 
the instantaneous (elastic) regression, partly through a time dependent recovery. The 
deformations cannot normally be completely reverted and a permanent deformation 
remains.
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Both creep and shrinkage cause deformations. However, it is important to distinguish 
between creep and shrinkage. Creep is the deformation where the primary cause is a 
stress, while shrinkage is the deformation where the main cause is drying. The effect of 
shrinkage is noticeable a long time after casting of the concrete, and can be in the order 
of 1000 microstrains after this time, Hansen and Mattock (1966). When creep and 
shrinkage are distinguished in laboratory tests a dummy specimen is placed next to the 
loaded specimen, and the shrinkage is assumed equal in between the two. The 
difference reflects consequently the creep behaviour of the concrete itself. The extent 
of shrinkage and creep is difficult to determine in an existing structure.  
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Figure 2-2. Principal deformation pattern for concrete. Based on Hillerborg (1976).  

Creep in concrete under modest stresses is approximately proportional to the stress. It 
can therefore be given as a specific creep, which is the creep divided with the stress. 
Since the creep (like strain) is a relative quantity, the unit of the specific creep becomes 
for example m2/MN or MPa-1. Further, the elastic strain is also proportional to the 
stress. This is why the relation between creep strain and elastic strain is at modest 
stresses independent of the stress level. This relation is called the creep number and is 
normally denoted, . The following expressions represent the creep number , elastic 
strain el, creep strain cc and the total strain tot.

el E  (2.1) 
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cc el E  (2.2) 

1tot el cc E  (2.3) 

The total long-term deformation of loaded concrete can be calculated using the formal 
long-term modulus of elasticity, E’, given in equation (2.4). This reduction is thus not 
coupled to the material itself, but to the agreement between material stiffness and the 
deformations of a concrete body exposed to long-term loading.  

1tot

EE  (2.4) 

The behaviour of concrete in compression has been studied by numerous authors 
(Ghosh and Handa, 1970, and Wang et al., 1978 etc.). The general appearance of the 
behaviour is shown in Figure 2-3, where it is seen that the concrete is approximately 
linearly elastic to about 85-90% of the compressive strength, fcc. The Young’s modulus, 
Ec, decreases then rapidly to zero, and turns thereafter negative.  
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Figure 2-3. The response of concrete in uniaxial compression. Based on Wang et al. (1978).  

Cracking arises when the tensile strength of a material is reached. Hillerborg (1976) 
introduced the fictitious crack model, where a traction-separation law governs the 
progressive loss of cohesion across the crack line. This model takes into account the 
fracture process zone preceding an open crack, see Figure 2-4. The open crack is 
considered as stress free and the cohesive stress, c, in the fracture process zone 
decreases gradually from the material tensile strength of the material, fc, to zero at the 
tip of the macrocrack.  is the crack opening displacement and c is the crack opening 
at the beginning of the macrocrack.  
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The area under the stress-displacement curve is the fracture energy for failure mode I 
(tension), denoted Gf, which has to be dissipated in order to form a macrocrack after 
the tensile strength is reached. The response of concrete in uniaxial tension is given in 
Figure 2-5.
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Figure 2-4. The stress free macrocrack and the fracture process zone in a concrete body in 
which a crack is initiated by a force, F.  
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Figure 2-5. The response of concrete in uniaxial tension.  
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2.2.2 Steel reinforcement 

The engineering stress strain relation for hot-rolled steel in tension is illustrated in 
Figure 2-6 (left). The denotations are the same as in the European standard EN10002 
(2001). The steel behaves linearly elastic until the yield stress, ReH, is obtained, during 
which the Young’s modulus, E, is approximately constant. Hereafter a yield plateau is 
formed, along which the stiffness of the steel is more or less zero. The upper, ReH, and 
lower, ReL, yield stresses are distinguished along the plateau. Strain hardening occurs 
after the yield plateau and the specimen reaches its maximum stress, Rm, after some 
deformation, Agt. Final rupture occurs at some deformation, At, which is in the order 
around 10-25%, depending on the steel quality. When cold-working the steel the yield 
plateau disappears and the behaviour will be according to Figure 2-6 (right). A measure 
of the strength is here the 0.2%-limit, which is the stress at 0.2% remaining strain when 
the specimen is unloaded.  
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Figure 2-6. Schematic stress strain diagram for hot-rolled steel in tension (left), and cold-
worked steel in tension (right).  

If a material is restrained with a certain tensile force along a certain distance a portion 
of this force will in time be lost. This stress loss is called relaxation. Relaxation increases 
with increasing initial force and also for increased temperature. The relaxation in steel 
can be reduced through a procedure where the material, at a certain temperature, is 
exposed to a mechanical treatment. The relaxation requirement on prestressed 
reinforcing steel is given in the Swedish standard SS 14 21 37 where it is stated that the 
relaxation should not exceed 4% given an initial stress equal to 0.7fst and a temperature 
of 20 C during a time period of 1000 hours. For non-tensioned reinforcement 
relaxation could generally be disregarded.  

2.2.3 Structure

Numerous bending tests have been performed on RC beams. The load versus 
displacement graph is one of the most used results in the evaluation work. The general 
appearance of a load displacement diagram of a plain, under-reinforced, RC beam and 
a strengthened RC beam is shown in Figure 2-7.  
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Let’s assume that the strengthened beam is reinforced with a CFRP (Carbon Fibre 
Reinforced Polymer) plate. For the plain RC beam the cracking loads, Fc,, and the 
point where the steel reinforcement starts to yield, Fy, are distinguished. The measure 
which is normally referred to as the beam stiffness (‘E’), in the load-displacement 
diagram is the approximately linear inclination after the cracking load. The cracking 
load for the strengthened beam, FcS, the ultimate load, FuS, and the stiffness, ‘ES’, are all 
higher than for the plain RC beam. These are typical strengthening effects. If the test is 
performed deformation controlled the strengthened beam will follow the curve for the 
plain RC beam after rupture or debonding of the CFRP plate. If the applied force is 
instead load controlled there is a possibility that the beam will fail completely. It should 
here be noted that the beam stiffness, ‘E’, in the load deformation diagram, is evaluated 
as

' ' FE  (2.5) 

The unit of ‘E’ is here hence [N/m]. In cases where a comparison between a reference 
beam and a modified beam is of interest this measure is sufficient, as in Figure 2-7. This 
measure can however not connect to the geometry and material level directly, i.e. 
where the moment of inertia is one very important factor. Despite this limitation of 
using the load displacement relation, it is still considered important to visualize the 
member’s global behaviour. 
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Figure 2-7. Schematic load displacement diagram for RC beam in three or four-point bending.  

The concept of effective moment of inertia was presented in Branson (1977), in which 
the relation between bending moment and moment of inertia was presented (see 
Figure 2-8).
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The axes are normalized by the gross moment of inertia (un-cracked conditions), Ig,
and the cracking moment, Mcr, respectively. In the un-cracked region, where the 
fraction Ma/Mcr<1, the moment of inertia corresponds to un-cracked conditions. 
Hereafter, when the bending moment is increased, the effective moment of inertia 
decreases gradually down to a distinct plateau where the moment of inertia in fully 
cracked conditions, Icr, is obtained. This plateau is formed at a bending moment in the 
order of four times the cracking moment. The appearance of the relation is dependent 
mainly on the ratio between un-cracked and cracked moment of inertia, consequently 
how the RC beam is reinforced. The bending stiffness has been shown to follow the 
same development during loading (Paper A, Paper C and Paper E), as was found for the 
effective moment of inertia in Branson (1977).  
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Figure 2-8. Generalized effective moment of inertia versus bending moment relation in the 
cracking range, based on Branson (1977).  

For long-term loading the deformations of a structural member increases due to 
concrete creep. The extent of the deformation depends on the concrete properties, 
duration of the load, stress level and geometry to mention a few. To estimate the 
deformation caused by creep requires detailed investigations, and might even require 
FE-analysis.

2.3 Fatigue loading 

2.3.1 Concrete

Concrete is considerably less homogenous than steel and obtains already during the 
hardening phase large amounts of inhomogenities, such as air pockets and micro cracks, 
especially at the aggregate boundary. Temperature stresses and shrinkage can develop 
these small inhomogenities (micro cracks) to macro cracks already before any loading is 
introduced. Since there are so many cracks before the fatigue loading is initiated there 
exists in principal no initiation period (Betonghandboken Material, 1994). Concrete in 
cyclic compressive fatigue loading was studied in Holmen (1979).  
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Three phases were distinguished for the strain development in concrete at constant 
amplitude loading, see Figure 2-9:  

1. A fast and progressive increase from 0 to about 10% of the total number of 
loading cycles before failure, NF.

2. A linear increase from 10 to about 80% of NF.

3. A fast and progressive increase until final failure occurs.  

In Thun (2006) it was shown that concrete in cyclic tensile fatigue loading also exhibits 
increasing deformations (total strain), and behaves in a comparable manner as concrete 
in compression as the same three phases were noticed.  
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Figure 2-9. Example of measured strain of concrete at compressive and tensile loading as a 
function of the number of loading cycles, N. Based on Holmen (1979) and Thun (2007).  

2.3.2 Steel reinforcement 

A fatigue failure in steel, i.e. reinforcing steel, is characterized by three stages 

crack initiation 

crack growth 

final fracture 
Cracks are first initiated at discontinuities and stress concentrations in the steel body, 
after which the crack grows more and more. When a crack has reached sufficient size a 
static failure arises in the remaining un-cracked part of the body and the final fracture 
occurs.
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2.3.3 Structure

The dead weight is for many concrete structures the governing share of the total load, 
which limits the impacts caused by fatigue. In addition, the restrained utilization of the 
concrete compressive strength also reduces the fatigue problems. However, the 
development moves towards increased concrete strengths, which leads to thinner 
structures and increased stress levels and amplitudes caused by the live load. This could 
increase the importance of assessing the fatigue issues in the future (Betonghandboken, 
1994). In addition, the increased utilization of the reinforcing steel and concrete might 
induce enlarged deformations caused by the fatigue loading caused both by crack 
propagation on the tensile part and also deformation within the materials themselves.  

2.4 Temperature

2.4.1 Concrete

The thermal coefficient, , has in several studies been found to differ between heating 
and cooling in the range between 0 to 60°C. For example, Löfqvist (1946) found -
value up towards 12×10-6/°C during heating but 5-8×10-6/°C during cooling. These 
values are approximately the same both for young and older concrete. It is 
consequently suggested that a thermal expansion coefficient, e, and a thermal 
contraction coefficient, c is used for concrete. Suggested values of e and c are given 
in Table 2-1. Large variations exist however dependent on the composition of the 
concrete, and for that reason the coefficients should be determined in test (Emborg, 
1990).

Table 2-1. Examples of measured values of coefficient of thermal expansion, e, and 
coefficient of thermal contraction, e. Emborg (1990).  

Cement vct e c

Std Portland Slite 0.4-0.5 
0.5-0.7 
0.7-0.8 

9.5-12.5 
9.5-10.5 
9.0-10.0 

7.0-8.0 
7.0-8.0 
7.0-8.0 

Std Portland Degerhamn 0.4-0.8 9.5-11.0 7.0-9.0 

Every cubic metre of conventional concrete contains between 120 and 180 litres of 
pores which are so small (<0.5 m) and structured in such a way that they are easily 
filled with water when the concrete is exposed to free water. The pores are filled due 
to capillary forces and capillary condensation. It is especially the concrete surface which 
is filled with water in connection with rain, melting of snow etc. Dependently on the 
pore size characterization of the concrete the concrete freezes at different temperatures, 
see Table 2-2.  
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The deformation for plain concrete at sub-zero temperature has been studied by 
Wiedermann and Sprenger (1981). Contraction takes place at cooling down to -20°C. 
Between -20°C and -70°C, in a transition zone, the concrete expands followed by 
further contraction from -70°C to -170°C. The expansion in the transition zone 
depends on the expansion of the pore water at freezing. The expansion is detectable at 
a relative humidity (RH) from 60% and is obvious at RH above 86%. The expansion is 
hence monotone, as for steel, for RH less than 60%. The thermal coefficient of 
contraction is the same below freezing as above, except for in the transition zone 
(-20°C to-70°C). No study has been found where the modulus of elasticity has been 
determined for concrete in sub-zero conditions. However, it is believed that the 
stiffness of the concrete increases when the pore water freezes. This effect is likely since 
the incompressible water cannot escape in the pore system in frozen form. The 
moisture content is a probable factor here, as for the deformations.  

Table 2-2. Temperature at freezing dependent of pore diameter (Marina 
betongkonstruktioners livslängd, 1993).  

Diameter [10-10 m] Temperature at freezing [°C] 
450
280
200
160
115

-6
-10
-15
-20
-30

2.4.2 Steel reinforcement 

The thermal coefficient of expansion for steel, between -20°C to 100°C, is 
approximately 10×10-6/°C. The strength of steel will eventually start to decrease as the 
temperature increases, while the elasticity increases slightly. The strength of steel is 
affected by raised temperatures from around 300°C, and decreases steadily to a mere 
20% at 700°C. A drop in temperature has the opposite effect; the strength increases 
during the time when the elasticity often decreases drastically.  

2.4.3 Structure

Temperature changes causes contraction or expansion of both steel and concrete. 
Deformations occur due to this gradient which creates an imposed internal bending 
moment caused by the differentiating thermal deformation across the cross section. 
This is illustrated in Figure 2-1.  

In Täljsten and Carolin (2007) it was found that the ultimate load capacity and ductility 
is not significantly affected by sub-zero temperatures down to -28°C. The tests showed 
however a tendency that beams in cold climate can carry higher loads. Further, the 
cracking load increases for beams tested in sub-zero temperature.  
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The main explanation is that the remaining water in the concrete freezes and increases 
the internal bond between the aggregates and the cement (Daerga, 1988). In cold 
climate the bending stiffness is probable higher caused by the increased concrete 
stiffness due to freezing of the pore water. The extent of the stiffness increase is 
however not verified since any information regarding the stiffness of frozen concrete 
has not been found, nor has any experimental test been carried out within this thesis 
work.  

M

c=Ec c T Fs= AsEs s TTemp.

Figure 2-10. Forces acting in an un-cracked RC cross section where a temperature gradient is 
present.

2.5 Degradation 

2.5.1 Concrete

Concrete is affected more or less by chemical reactions. These reactions occur either 
because the concrete’s different fractions have a tendency to react with each other or 
because the concrete is exposed to aggressive gas or fluid substances present in the 
environment. Some reactions do well for the bond between ballast and cement paste, 
while others are more or less degrading. The appearances of a chemical attack are 
numerous, partly because there are a vast number of substances which affect concrete 
negatively. In many cases the mechanisms behind the attack are unknown or only 
roughly understood, which limits the possibilities in practice of predicting whether 
damages will appear. It is however possible to discern amongst different types, i.e. those 
which dissolve and those which cause an internal pressure (Betonghandboken Material, 
1994). Some examples of degradation mechanisms and their respectively effect on 
concrete are listed in Table 2-3.  

References regarding acid attacks are for example Harrison (1987), Eglinton (1975) and 
Søpler (1986). Concerning alkali-aggregate reactions further information could be 
found in Woods (1968), Figg (1981), Kjennerud (1986) and BRE (1988). Information 
regarding lime leach could be found in Lea (1970) and Moskvin (1983). More 
information about sulphate attacks could be read in Wischer and Sprung (1990), Odler 
and Jawed (1991) and Meland (1986) amongst others. The concrete ability of resisting 
aggressive substances depends on the chemical and physical structure of the concrete.  
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The chemical structure decides which substances that are degrading and the physical 
structure determine the ingress of these substances into the concrete. The chemical 
structure is affected by the cement type, i.e. if standard Portland cement or sulphate 
durable Portland cement is used, or by using mineral additives. The most important 
property for the physical structure is the permeability, which is mainly dependent on 
the water/cement ratio (Betonghandboken Material, 1994).  

2.5.2 Steel reinforcement 

High quality concrete will normally provide excellent chemical protection for steel 
reinforcement against corrosion (Hansson et al., 1985), due to the high alkalinity and 
the low permeability of the matrix (Mangat & Molloy, 1992). At a pH of 13.5 the 
interaction between the steel and the hydroxyl ions present in the pore solution, results 
in the formation of an insoluble Fe2O3 layer that makes the underlying steel passive. 
Neither the high alkalinity of the pore solution nor the low permeability of the cover 
can guarantee that the steel will resist corrosion, especially in aggressive environments 
such as for marine structures. The passive steel reinforcement could become 
depassivated due to two reasons; chloride intrusion and carbonisation. In general, the 
propagation period is quite short. The initiation period is the governing factor 
determining the service life span of the structure. When designing a structure, the 
service life length is sometimes assumed shorter than the initiation period, although this 
is a matter of definition.  

Chloride ions may enter the concrete during mixing or after curing from external 
sources such as seawater. Once chlorides have reached bar level, they depassivate the 
embedded steel by locally breaking down the protective layer (Fe2O3). Corrosion 
damage caused by chlorides is concentrated and often severe. The reason is assumed to 
be that corrosion cells appear where the cathodic surface is large and where the anodic 
surface is a comparatively small part of the steel reinforcement. At a big ratio between 
anode and cathode area and with good oxygen conditions, the corrosion rate can get 
very high, more than 1 mm per year (Camitz and Pettersson, 1989).  

The time for the chlorides to break down the protective layer is called initiation 
period, followed by the propagation period, when corrosion products start to form 
(Tuutti, 1982 and Austin et. al, 2004).  A schematic diagram of the initiation and 
propagation period can be seen in Figure 2-11. Steel reinforcement that is cast inside of 
concrete is passive due to the high alkalinity (pH > 12,5). Corrosion is no threat in this 
situation. The alkalinity is created by alkaline reaction products from cement reactions 
(sodium hydroxide, potassium hydroxide, calcium hydroxide) which are dissolved in 
the pore water. The calcium hydroxide alone is 30% of the weight of the reacted 
cement quantity in an ordinary Portland cement, which is therefore a great base reserve 
for the concrete. Also the calcium compounds are a part of the base reserve, but they 
are hard to solve (Fagerlund, 1993). The alkalinity is also affected by the 
water/cement-ratio (wct). A lower wct implies a lower porosity and less amount of 
pore water. This gives increased cement content, which enhance the alkali.  
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These two effects give a raised alkalinity at lowered wct, and are in particular of interest 
during chloride induced corrosion. With a sufficiently low wct, it is impossible for 
corrosion to form due to the high pH (Fagerlund, 1993).  

The bond properties between steel and concrete are also affected by degradation. Both 
corrosion of the reinforcement, alkali-silica reactions and internal frost damages are 
three deterioration mechanisms having a negative effect on bond between concrete and 
reinforcing steel.
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Figure 2-11. Model for reinforcement corrosion. Relative humidity, temperature and oxygen 
have an impact on the corrosion rate. The inclination of the line in the propagation area gives 
the corrosion rate (Tuutti, 1982).
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Table 2-3. Summarized mechanism, effects and possible extent of damage for a number of 
common attacks on concrete.

 Mechanism Effect Possible extent of damage 
Acid attack The acid fluid dissolves 

calcium from the cement 
paste between the ballast 
aggregates.  

Strength and stiffness loss. Reducing in time 
initially, but can under 
certain conditions go on 
constantly for long time.  

Alkali 
aggregate 
reactions

There are three 
mechanisms, dependent 
on constituent 
components.
1. Alkali-siliconacid 
reactions. Usual for opal, 
flint, kalcedon, crypto-
crystalline and deformed 
quartz.
2. Alkali-silica reactions. 
For other silicon 
containing minerals, e.g. 
layer silicons and feldspar.  
3. Alkali-carbonate 
reactions. For some 
dolomitic lime rock.  

Cracking and swelling 
causing destruction. 
Secondary effects are 
coupled to freezing and 
corrosion.

Symptoms are: 
1. Cracks in the concrete 
surface which forms a 
pattern which travels more 
or less into the concrete.  
2. Surface fall-out. 
3. Dark damp stains.

Very extent, entire 
structure.  

Lime leach The pore water dissolves 
first the calcium hydroxide 
and then also the lime 
within the concrete 
matrix.

Strength and stiffness loss. Noticeable within 30 mm 
from crack location. 
Porous concrete could be 
severely damaged, but for 
good quality concrete the 
damage is insignificant.

Sulphate 
attack

1. Transportation of 
sulphate ions into the 
concrete. 
2. Chemical reaction 
(three are identified) 
a. Reaction with 
aluminates in the cement 
or in exceptional cases in 
the ballast at which C-A-
S-H-combinations are 
formed (most common).  
b. Reaction with CH in 
the cement paste during 
which gypsum is formed.  
c. Absorption of silicates 
or reaction with these 
during forming of 
thaumasite.

Expansion and strength 
loss.

Depends on the presence 
of sulphates. If access from 
surroundings (ground 
water, soil etc) an 
increasing permeability 
reduces the extent of the 
damage. If supplied from 
cement of ballast the 
damage could occur deep 
within the concrete.  

Absence of full 
understanding of the 
mechanism bound for 
further studies.  
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Several models for the local bond stress-slip relation have been proposed both for the 
steel-to-concrete interface. The idealized appearance is given in Figure 2-12. The left 
schematic illustrates a simplified bond stress-slip curve for un-corroded steel, while the 
right illustrates how Tørlen and Horrigmoe (1998) modified the bond-slip relation to 
consider corrosion of the reinforcement. It was here suggested that the bond-slip model 
can be scaled down on both axis (slip and bond stress). This model has obvious 
similarities with the model proposed by Castellani and Corronelli (1999). The area 
under the curve is defined as the interfacial fracture energy, Gf

b. The stress in every 
material point increases until the local bond strength, 1, is reached. s1 is the 
corresponding slip. In the post failure region, the interface undergoes micro-cracking 
with a reduced stress as a result. At the slip s3 the frictional branch of the curve begins 
and the stress becomes constant. However, no experimental study has been shown 
where this model is verified.  

The overview, and complementary FE-analysis, of effects of corrosion on bond 
presented in Lundgren (2007) showed consistently for the studied tests that the bond 
stress versus slip diagram reveals a stiffer behaviour initially for corroded specimens. 
This is in contrast to what Tørlen and Horrigmoe (1998), Figure 2-12,  suggested. This 
was concluded by studying eight cases where reinforcement types, transverse 
reinforcement and cover cracking were combined. An overview of the effects of 
corrosion on bond is given in Figure 2-13. A model for FE-analysis based on these 
results is today not yet published, but will be valuable in the future.  

1

3

Ascending branch

Descending branch

Frictional branch

b
fG

1s 2s

B
on

d 
st

re
ss

Slip

c
max

c
1s c

2s c
3s

B
on

d 
st

re
ss

Slip

Figure 2-12. Left: Idealized bond stress-slip relations between steel and concrete (from 
Pochanart and Harmon, 1989). Right: Bond stress-slip relation for corroded reinforcement by 
Tørlen and Horrigmoe (1998).
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Figure 2-13. Overview of effect of corrosion on bond (Lundgren, 2007).  

2.5.3 Structure

Additional causes of degradation than material degradation might be of importance for 
the whole structure. An overview of some general degradation mechanisms which 
could affect an RC structure are presented in Table 2-4. On top of the chemical 
degradation mechanisms, dealt with in the previous section, the mechanical and 
physical ones are now also mentioned.  

Table 2-4. Examples related to degradation of structural performance.  

Chemical Mechanical Physical 
Concrete
 Acid attack 
 Alkali aggregate reactions 
 Lime leach 
 Salt attack 
Reinforcing steel 
 Chlorides 
 Carbonisation 

Movement, i.e.  
 Settlement 
 Explosion 
 Vibration 
 Fatigue 
Overload
Vehicle impact 

Erosion 
Temperature
Shrinking



30

The effects on the structural level, in terms of deformations, of each degradation 
mechanism depend on several things. It is first a matter if it affects the material 
properties or the geometry. The chemical degradation mechanisms are typically 
affecting the material properties, while the mechanical and physical are affecting the 
geometry. This is however only a generalization. Corrosion, which is a typical 
chemical mechanism, leads for example to reduced cross section area of the steel and 
possibly also to spalling of cover concrete which are both related to geometry. Further, 
cracking is here considered to be a geometric quantity, although it is really a material 
fracture. A number of mechanical and physical degradation mechanisms might induce 
more cracks into the structure which will reduce the stiffness.  

Another important question is whether the attack is affecting a large area or a small 
area. Chloride induced corrosion is typically affecting the steel bar at a crack location 
where the chlorides have exceeded the threshold value for corrosion initiation. In 
opposite, corrosion initiated by concrete carbonisation is uniformly distributed along 
the reinforcing bar. The deformations could increase if corrosion reduces the steel 
content. In Paper A, it was found that, although the steel mass was reduced, a corroded 
specimen exhibited a higher stiffness initially during a failure load test. One likely 
explanation is found in Lundgren (2007), described previously, where the bond 
characteristics were improved by the corrosion products. Corrosion with improved 
bond characteristics would imply reduced slip between steel and concrete, and also the 
deformations. Whether this stiffness improvement could be treated as a positive effect 
or not is questionable. This is mainly because further corrosion progress could have a 
bad influence on both bond characteristics and steel content. Signals of reduced slip 
could however possibly be used as an indicator of the presence of corrosion.  

Jeppsson and Thelandersson (2003) studied the behaviour of RC beams with loss of 
bond at longitudinal reinforcement. The bond loss was created with plastic tubes 
surrounding the longitudinal reinforcement between stirrups. This would create a bond 
situation which is likely for severely corroded reinforcement with reduced bond 
between stirrups and locking effects at the location of stirrups. All the beams tested in 
the study failed in shear. The modified bond situation reduced the load carrying 
capacity approximately 33%, which was considered low in relation to the significant 
reduction of bond (80%). The failure did in addition not become any more brittle, as 
was expected. This was explained by that short bond lengths are sufficient to create 
high bond forces, and that the stirrup utilization was increased as the bond was 
modified.
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3
Curvature Measurement 

 This section is aimed to discuss the technical part of assessing exising RC bridges using curvature 
measurement including the benefits and challenges.  

3.1 General bending stiffness development 

The stiffness of steel is approximately constant until the yield stress, and for concrete up 
to around 85-90% of the compressive strength. Above this the material stiffnesses, Ec

and Es, are reduced significantly. At loads which will not produce yielding of the steel 
reinforcement or crushing of concrete other mechanisms will be the cause of a 
changing bending stiffness. Two cases are here distinguished;  

Geometry is changed. Here could reduced steel mass due to corrosion be 
mentioned. Cracking is also considered as geometry dependent.  

Material property is changed. Young’s modulus is affected by temperature for 
example. Young’s modulus for concrete might in addition be affected by 
certain degradation mechanisms.  

The basic idea of evaluating the bending stiffness from curvature measurements first 
arouse in Bergström (2006), where a set of tests indicated that the stiffness can be used 
as a performance indicator (PI) for RC members. The typical bending stiffness 
development during loading has been presented in Paper A, Paper C, and Paper E, and 
is illustrated in Figure 3-1. The graph can be divided into four phases: (I) Un-cracked 
phase, (II) Crack forming phase, (III) Stabilised crack phase and, finally, Failure phase 
(IV). Failure is typically yielding of steel reinforcement or crushing of concrete.  
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These phases are also distinguished in a traditional load-displacement diagram in Figure 
3-1. From an SLS performance point of view (regarding deflections, fatigue and 
vibrations) it is beneficial if the structure is in phase (I) or (II), since an increased 
stiffness reduces the strains in the structure and also the deformations under a given 
moment.

When the structure has reached phase (III) it is possibly critical, since no further signals 
will be given by the monitoring of the bending stiffness that a possible failure will 
occur. In experimental tests (Bergström (2006), Paper A and Paper C) it has been shown 
that once concrete starts to crush or steel yields the bending stiffness is showing obvious 
signs of this in terms of a noticeable reduction. However, if the load is not deformation 
controlled, the specimen will fail when the stiffness reduces drastically in phase (IV).  
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Figure 3-1.  Top left: Bending stiffness development during step-wise increased loading 
(Paper C). Top right: Generalized bending stiffness development where four phase are 
distinguished. Bottom: Phases distinguished within a load-displacement diagram.  
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From experimental tests (Paper C), it has been found that the bending stiffness in un-
cracked and fully cracked conditions can be fairly well estimated using linear elastic 
theory and assuming that plain sections remain. A scattering of around 15%, which was 
noticed in that study, should not interfere significantly with conclusions about the 
crack conditions. The ratio between un-cracked and cracked inertia for a typical RC 
member is generally considerably larger than this scattering, dependent on the 
geometry of the structure. Although it is difficult to predict the entire stiffness 
development graph beforehand, a relatively simple calculation can nevertheless predict 
the level for un-cracked and cracked conditions reasonably well. The extent of phase 
(II) is especially difficult to foresee before a structural element is tested. The ratio 
between the gross moment of inertia, Ig, and the cracked moment of inertia, Icr, is one 
important factor. If the ratio Ig/Icr is large it is expected that phase (II) reaches over a less 
significant load interval than if the ratio is smaller (Branson, 1977), as can be seen in 
Figure 2-8.

In Paper C it was possible to determine the previously highest load which the RC 
specimen had been exposed to by looking at the stiffness diagram. Looking at Figure 
3-1 and the peak load of each loading cycle reveals that the bending stiffness will never 
reach above the value which was captured during a previous loading cycle. The reason 
for this is that cracking is an irreversible damage process. This means that if the stiffness 
is low something has affected the structure during the past time. The structure could 
for example have been affected by  

the normal traffic to a larger extent than what was expected,  

an overload (e.g. a truck with too much timber on the trailer),  

deterioration,  

fatigue.

3.2 Important parameters 

The measured curvature depends on material properties, the acting bending moment 
and on the cross sectional geometry. All of these parameters result in a curvature which 
reflects the stiffness of the structure. P is the functional relation including material 
properties. B includes parameters which affect the bending moment, i.e. loading (F),
location of load (x) and support restraint ( s). G is the functional relation for geometries 
including outer dimensions, location of reinforcement and also cracking. The curvature 
can also be affected by other movements, which give rise to deformations not 
interpretable in terms of bending stiffness. Any parameter which affects the curvature 
without any physical coupling to either E or I will give rise to what is here defined as a 
‘fictitious stiffness change’. This is, when calculating the bending stiffness from curvature, 
environmental factors may produce a deformation which can change the measured 
curvature without having any physical effect on the structural stiffness, e.g. creep. 
Mechanisms which will cause a deformation can therefore be interpreted as a stiffness 
change regardless of the cause of the deformation.  
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The result is that when the stiffness is interpreted it is underestimated compared to 
what the geometry and materials actually perform. In Figure 3-2 a schematic is shown 
how EI can be underestimated when the curvature of the structure is increased due to 
creep. Those parameters cannot be coupled to P, B or G and is therefore collected in 
the functional relation, F. Here creep, , and temperature, T, could be mentioned. In 
order to calculate EI the functional relation below, derived in Figure 3-6, is adopted. 
The bending moment, M, and the monitored curvature, M, are expressed by the 
functional relations.  

, , ,..., ,s y c c ccP f E f E E f  (2.6) 

, , sB f F x  (2.7) 

, , , , , ,s s s sG f h b A A d d C  (2.8) 

, ..F f T  (2.9) 

, ,
, , ,

s

M

M F x
EI

P B G F
 (2.10) 

One advantage revealed with equation (2.10) is that F, x and s, are parts of both M and 

M, which means that any bending moment can be applied to the structure and stiffness 
is obtained, since the curvature and bending moment is coupled directly to each others. 
All of the parameters included in M, P, B and G are possible to determine under 
certain conditions, although there might be difficulties regarding the parameters in F
and also the support restraint, s. The support restraint is especially important for multi-
span bridges or for bridges with an integrated support structure. The challenge 
regarding the support restraint is that it is likely dependent on the cracking in the 
support structure and is therefore load dependent. The material properties (stiffness and 
strength) can be determined by testing material samples from the structure. The applied 
load, F, and its location, x, are also known parameters.  

Interpreted when 
affected by e.g. creep 

Unaffected 

’Fictitious stiffness change’ 
EI

Load 

Figure 3-2. Fictitious stiffness change due to movements not interpretable directly to either the 
modulus of elasticity, E, or moment of inertia, I.  
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3.3 Local and global curvature 

The local curvature is determined by attaching strain gauges in a specific cross section 
along a beam, while the global curvature is captured by measuring the displacement 
deviation in between two points along the beam speciemen with known distances 
apart.  

The development of curvature is governed by cracking at discrete locations. Before 
cracks have formed, a length of a beam subjected to a constant moment will have a 
constant curvature along the length. After cracks have formed, the local curvatures will 
vary along the length with higher curvatures occurring at crack locations (see Figure 
3-3). The tensile stress in the reinforcement will be highest at a crack location where 
the tension in the concrete is zero. The curvature, with corresponding bending 
stiffness, along a RC member subjected to a bending moment can generally be 
illustrated as in Figure 3-3. At a crack location (A) the curvature is largest, which 
produces a comparably low stiffness. Between two cracks (B) the curvature is smaller 
which gives a higher stiffness. Because of this, flexural failure of a member will typically 
occur at a section that contains a crack. The crack initiation at a discrete location 
occurs when the tensile strength of the concrete is exceeded in the material point 
furthest away from the neutral axis. The crack propagates gradually as softening occurs 
in the tension concrete until equilibrium is obtained between the geometry, material 
and applied bending moment, see Figure 3-5. The local curvature, L, is the gradient of 
the strain distribution at a discrete location along the beam. It has been shown that the 
local curvature could either be larger or less than the global curvature (Paper C). If 
strain gauges would be placed in the cross sections A respectively B, these would reflect 
cracked and un-cracked conditions respectively, while the global curvature would give 
the average curvature of the member. Hence, the relation between local and global 
curvature depends on the location of the local curvature sensors.  

MM

G

L2

L1 

EI EIG
EIL2

EIL1 

A B 

Cracks 

Figure 3-3. Local and global curvature/EI along a reinforced concrete member subjected to a 
bending moment, M.  
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The model proposed by Noghabai (1998) shows that even though few surface cracks 
are visible more hidden cracks around the lugs may be active which smoothens the 
stress variation along the reinforcement, and thus also the difference between global 
and local curvature. This model is based on a concept by Bazant and Oh (1983) using 
stress lines which create relieved zones around the cracks, see Figure 3-4 for the picture 
presented in Noghabai (1998) illustrating the concept. The relief zone is given by the 
inclination of the assumed stress lines, which is determined empirically. A thicker cover 
concrete imply that more hidden cracks are possible. For smaller covers the number of 
visible cracks and hidden cracks converge. Further, a thicker cover concrete increases 
the tension stiffening effect. From such model it is also found that one single crack is 
not allowed to develop fully before a re-distribution of stresses and the formation of 
other cracks are initiated. This implies, as has also been shown in tests (Paper C), that 
the development of local and global stiffness is similar. Hence, phases (I) to (IV) are 
identified for both cases. This also means that the cross section is cracked at many 
locations, which imply that the entire concrete mass can more or less be treated as 
cracked.  

Figure 3-4. Schematic picture illustrating the influence of cover thickness on the distribution of 
cracks. Although fewer surface cracks are visible when larger concrete covers are used, more 
hidden cracks (around the lugs) may be active. Noghabai (1998).  
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Figure 3-5. Development of local curvature during the formation of a crack. Top: Un-cracked 
conditions. Middle: Crack is gradually forming while the compressed concrete is still elastic. 
Bottom: Crack is fully developed and compressed concrete is still in elastic state.

3.4 Determining the bending stiffness from curvature measurement 

The curvature, , of a beam element exposed to a bending moment, M, and with 
length, dx, is derived in Figure 3-6. Finding the local curvature requires two strain 
gauges at different heights in a cross section. See Figure 3-7 and equations (2.11), (2.12) 
and (2.13) for a thorough illustration of how the global curvature setup could be 
designed and how the curvature is calculated (Paper C). Note that the radius of 
curvature, R, is defined from the neutral axis of the element. During a failure load test 
the neutral axis will however move upwards, which makes the placement of a global 
curvature gauge exactly at this position practically impossible. This has however a 
minor effect on the results since the radius of curvature is often very large, in the order 
of hundreds of metres already for small laboratory specimens.  
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Figure 3-6. Relationship between curvature, , radius of curvature, R, modulus of elasticity, 
E, and moment of inertia, I, for a beam element subjected to bending moment, M (Paper C).  
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Figure 3-7. Calculating global curvature from a set of LVDTs lined up after each other 
(Paper C).  
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Three requirements are suggested for the region over which the global curvature is 
measured. Those are listed below.  

1. Error margin. The estimated displacement in the curvature rig should not be less 
than one hundred times the in-built error in the LVDT. This is to assure 
quality of the measurements which is especially important when considering 
that the displacements could be very small.

2. Representative average value. The intention is to measure a representative global 
curvature. This is assumed fulfilled if four macro cracks are located within the 
region where global curvature is measured.  

3. Bending moment distribution. It is beneficial if a constant bending moment is 
present in the region to fulfill the conditions used in the evaluation of bending 
stiffness from curvature measurement.    

A typical LVDT (Linear Variable Differential Transformer) has an error margin around 
0.10% of the measurement range according to the Measurement Group, Inc. 
(www.measurementgroup.com). A 5 millimeter LVDT has hence an error margin, e,
of 0.005 mm, which would require a displacement, , of 0.5 mm, see Figure 3-8.  

L

0.5 mm

MM

x

Figure 3-8. Curvature measurement over a distance L along a beam member subjected to a 
bending moment, M.  

The deflection, , of a member with the length L, bending stiffness in un-cracked 
conditions, EI1, exposed to a constant bending moment, M, is calculated using classical 
structural mechanics as  

2

1

ML
32EI

 (2.14) 

Requiring that  is equal to 100 times the built-in error margin of the displacement, e,
sensor results in a  

G ,e
32EI 100eL

M
 (2.15) 

http://www.measurementgroup.com
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The second requirement is that the length, LG, should cover at least four macro cracks. 
An upper bound of the crack spacing, sr,max, found in Eurocode 2 (2004) when 
assuming that there is no bonded reinforcement within the tension zone is used in this 
case, and is calculated as  

r ,maxs 1.3 h x  (2.16) 

h is here the height of the beam and x is the heigth of the compressed zone. The 
region over which the global curvature should at least be measured over, LG, is 
suggested to be three times the maximum crack spacing, sr,max.

G ,c r ,maxL 3 s  (2.17) 

For the beam specimen used in Paper C the appropriate length over which the global 
curvature measurement would be in the order of 1000 mm if considering the in-built 
measurement error. An assumed bending moment of 200 kNm, moment of inertia in 
un-cracked conditions, and error margin of 0.005 mm were considered. The distance 
was from practical reasons however chosen to 800 mm instead. In the test of the 
Örnsköldsviks Bridge (Paper E), the least distance over which the global curvature 
should be measured over is calculated to 3000 mm. Here, the moment of inertia is un-
cracked conditions, an error margin of 0.005 mm and a bending moment equal to 
15 103 kNm was assumed. The distance between four cracks for the beam specimen 
used in Paper C is estimated to 900 mm,  while this distance is estimated to 3500 mm  
for the Örnsköldsvik Bridge. A summary of the required values and the actual values is 
given in Table 3-1.

Table 3-1. Suggested least distance over which the global curvature is measured. Top: 
Örnsköldsvik Bridge (from Paper E). Bottom: Beam specimen (from Paper C).

Örnsköldsvik Bridge 
Test presented in 

Paper C 
LG,e 3000 1000
LG,c 3500 900

Actual 3000 800 

3.5 Effects of strengthening 

The additional material added when strengthening a structural member in bending 
increases the height of the compressive concrete and moment of inertia. The general 
effects are increased bending stiffness, reduced deflections and reduced crack widths. 
These strengthening effects have been verified in Paper A, Paper C and Paper E. Assume 
that an RC member is strengthened with an FRP type material (linear elastic until 
failure). The results in the strengthening effect being least significant if the member is 
un-cracked (phase I), while the effect increases when cracks develop (phase II) and is 
highest when cracks are stabilised (phase III), see Figure 3-9.  



Curvature Measurement 

41

The reason for this is that the as-built member itself has a higher moment of inertia in 
phase (I) compared to phase (III), which affects the share contributed by the FRP 
material.

EI

Load 

Strengthening effect 

S
tre

ng
th

en
in

g 
 

ef
fe

ct
 

Strengthened 
member 

Reference member 

0
I II III IV 

Figure 3-9. Strengthening effect in terms of bending stiffness.  

This concludes that, if it is proven that the structure is located in phase (I), it might not 
be appropriate to strengthen the member in bending from an SLS point of view, since 
this might increase the performance to an extent which may not be in proportion to 
the costs of the procedure. In contrast, if the strengthening is performed on a structure 
which is in phase (III), a rather high strengthening effect is expected from the same 
strengthening design. Further, from a ULS point of view it may not be neccesary to 
strengthen the member if it is located within phase (I) and (II).  

3.6 Effects of corrosion 

Corrosion on the (tensile) steel reinforcement might give effects in terms of a changed 
bending stiffness, as can be seen in Figure 3-10. This is based on the findings in Paper 
A. The results regarding the effects of corrosion can at first be contradictory. 
Reinforcement corrosion can initially increase the bending stiffness due to the 
improved bond characteristics, caused by confinement effects of the swelling corrosion 
products (Lundgren, 2007). If the corrosion is severe the initial stiffness improvement 
will however sooner or later cease due to cracking and spalling of the cover concrete.  
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The confinement caused by the corrosion products can however not withstand 
throughout the loading sequence and the initially high stiffness drops below the 
reference stiffness at some load level. This load level is difficult to predict because it is 
likely dependent on many parameters such as degree of corrosion, surface characteristics 
of deteriorated bar and concrete properties. The reduced steel mass caused by corrosion 
is the reason why the stiffness eventually becomes lower for the corroded member.  

EI

Load 

Intact 
Corroded 

Increased stiffness governed by 
improved bond characteristics between 

steel and concrete for moderate 
corrosion 

Reduced stiffness governed by 
reduced steel mass 

Figure 3-10. Schematic stiffness effect due to corrosion.

3.7 Effects of pre-stressing 

Concrete can be prestressed in factory by tensioning the reinforcement first and then 
casting concrete to surround the pretensioned reinforcement. Alternatively, the 
concrete can be cast in place and the reinforcement tensioned after the concrete has 
reached a required strength (Bennitz, 2008). The reasons for the procedure are typically 
a need for reduced deflections and/or crack widths. In a load-displacement diagram the 
effect of pre-tensioning is seen as reduced displacements, see Figure 3-11. An 
introduction to the design and analysis of prestressed concrete structures is found in 
Engström (2004).  

No experimental study regarding how the bending stiffness is affected by pre-stressing 
has been performed within the current research. However, based on the previous 
discussions and the literature review in sections 2 and 3 the likely effects in terms of 
bending stiffness is discussed. One typical effect of prestressing is that the cracking load 
is increased as can also be seen Figure 3-11. The yield load is however unaffected, 
although it occurs at a reduced displacement than for the reference beam due to the 
reduced available ductility in the steel caused by the pre-tensioning.  
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The beam stiffness at fully developed cracking is also unaffected by pre-tensioning since 
the same material and geometry is present.  
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Figure 3-11. Typical effect of pre-stressing in a load-displacement diagram, based on Collins 
and Mitchell (1991).  

In, Figure 3-12, an illustration of a typical pre-tensioned member in an EI-moment 
diagram is presented. The pre-stressing force must first be balanced by a certain 
bending moment before any tensile stresses is initiated in the concrete, which delays 
phase (II). When cracking is fully developed (phase III), the stiffness has become the 
same for the reference and the pre-tensioned member.  
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Figure 3-12. Effects of pre-tensioning (P) in an EI-moment diagram.  

There are several reasons why a part or all of the pre-stressing effects could be lost. 
Here could for example relaxation of steel and concrete shrinkage be mentioned. 
Tendon breakage or sliding in the anchorage device is also possible if expernal 
prestressing is utilized. In a stiffness diagram, see Figure 3-13 (left), the stiffness is 
reduced due to increased cracking during prestress loss.  
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In opposite, cracking is delayed if the structure is instead post-tensioned, which could 
be done by for example prestressed near surface mounted CFRP rods (Nordin, 2003). 
This procedure affects the stiffness twofold, one coupled to the applied material and the 
other to the delayed cracking. This is illustrated in Figure 3-13 (right). Although the 
strengthening effect of the prestressed material itself is less obvious if the structure is 
within phase (I) or phase (II), it is advantageous in terms of preserved stiffness in the 
structure. The effects of delayed cracking is omitted if the prestressed material is applied 
in phase (III), although reduced crack widts and deflections are expected.  
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Figure 3-13. Left: Effects of lost tensioning force in the tensile reinforcement. Right: Effects of 
strengthening using prestressed CFRP. P.S. is here Prestressed Strengthening.  

3.8 Stiffness measurement using additional loading 

One issue which arises when considering the curvature measurement on full scale 
structures is that it is subjected to its own dead weight and is exposed to an existing 
strain field before monitoring is commenced. A certain portion of the EI-moment
graph is hence already passed when starting the curvature measurement, as can be seen 
in Figure 3-14. It is in addition a complex task to determine exactly how the structure 
is bent before the measurement is begun if taking into account static loading, fatigue 
loading, temperature and long term effects (see section 2). One solution for this 
challenge could be to estimate the deformation using FE-analysis. Such study is 
reported of in Paper B. In that paper no consideration was taken to shrinkage or creep. 
However, a study is on-going in which these factors are taken into account. 
Preliminary results indicate that the deformations could be quantified well using this 
approach.  

The estimation of initial curvature before monitoring is especially important for old and 
large structures, which have been exposed to a significant dead load for a long time.  
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Figure 3-14. Measured curvature and moment from additional load.  
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4
Bridge Management 

Even if the technical requirements and safety are fulfilled, it is for the society in the end a matter of 
usefulness and the total cost during the structure’s life. Often the total cost of maintenance and 
repair are comparable to the construction cost. Methods and systems that can improve the 
understanding of structural performance and minimizing maintenance, repair or strengthening are 
sought for.  

A Bridge Management System (BMS) is used for managing bridges throughout design, 
construction, operation and maintenance of the bridges (Yanev, 2007). As funds 
available for maintenance becomes more limited, Road Authorities around the world 
are facing challenges related to bridge management and the escalating maintenance 
requirements of large infrastructure assets. Bridge management systems help agencies to 
meet their objectives, such as building inventories and inspection databases, planning 
for maintenance, repair and rehabilitation interventions in a systematic way, optimizing 
the allocation of financial resources, and increasing the safety of bridge users. The major 
tasks in bridge management are normally 

Inspection. The inspections are planned and are repeated with predicted 
intervals. Normally, they include visual inspection, but they can also include 
testing and measurements. In some cases, continuous monitoring using built-in 
or permanently installed gauges on the bridge is used.  

Assessment of structural performance. An assessment is only made when called for. 
It can be a structural assessment with respect to the safety or the function of the 
bridge. It can also be an assessment of the condition of the bridge.  

Suggestions regarding repair, strengthening or replacement.
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Prioritizing the allocation of funds. This could be based on Life Cycle Cost (LCC) 
analysis, which makes it an important part of the BMS. The LCC is either 
based on assumptions before the structure is built or from assessments during 
the service life.  

4.1 Life Cycle Cost (LCC) 

The purpose of Life Cycle Costing (LCC) is to quantify the life cycle cost for input 
into a decision making or evaluation process, which will usually include inputs from 
other evaluations (e.g. environmental assessment, design assessment, safety assessment, 
functionality assessment, regulatory compliance assessment), (ISO/DIS 15686-5.2, 
2007). The decision should hence be based on technical requirements and also on 
economical aspects. The demand for models and tools to analyze and assess alternative 
bridge design has increased. The possibility of using LCC-models for bridges has 
increased in interest in recent years, and to use LCC-analysis as one of several bases for 
decisions has now been accepted in several countries. The LCC-analysis implies that 
alternative bridge designs can be cost evaluated at an early phase on life length basis. An 
LCC-model should be designed in such a way that it can be utilized in the planning 
phase, construction phase and in the management phase (Troive, 1998).  

Taking decisions based on LCC analysis moves focus from only the initial capital costs 
to also include future operating and demolition costs. The major objective with using 
LCC-analysis is that the financial resources used for our bridges are used more 
efficiently. The development of LCC-models increases the possibility of assessing the 
choices taken in an early phase in a project both in short and long-term perspectives. 
The LCC-models can function as an instrument for assessing the cost effectiveness for 
different bridge types, bridge designs, material choices etc. Future costs, such as 
maintenance, repair and strengthening are noticed in an early phase. LCC covers costs 
which can be categorised within agency, user or society and involves all relevant costs 
of the structure. If non-construction costs and income are also included the Whole Life 
Cost (WLC) is determined as can be seen in the LCC scheme illustrated in Figure 4-1.  

The development of methods for estimating how the structural performance is 
changing in time, in order to predict time until a certain threshold value is attained, 
affects primarily the maintenance costs. It is hence the agency costs which may be 
specified if the performance estimation procedure is improved, as seen in Figure 4-1. It 
is suggested that curvature assessment is used to improve the estimated time before a 
certain threshold value is attained, and thereby increase the understanding of the 
performance of the structure. This is discuess more in section “4.4 Curvature 
Assessment”.  
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Figure 4-1. LCC scheme based on Flanagan and Jewell (2004). 

The life-cycle cost for a concrete structure is typically dependent on the service life, 
discount rate, investment cost, costs and incomes during the life time (inspection 
maintenance and repair costs), and finally demolition. The possibility of affecting the 
LCC is most obvious in the design phase, and is thereafter steadily reduced until it 
reaches zero at the time of demolition.  The most common method to compare future 
costs and benefits with those today is the present value method which results in an 
LCC-value.  
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Bn here is the sum of all costs and benefits in year n, r is the discount rate and N is the 
service life. The LCC-value can be recalculated to an annuity cost in order to make it 
possible to compare the life-cycle costs of structures without future incomes and with 
different service lives. The annuity cost is the present value (LCC) times the annuity 
factor.
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 (3.2) 

Using LCC requires theoretical understanding of the mechanisms affecting the RC 
structure. An estimated annuity cost can for example be calculated for chloride induced 
corrosion as a function of concrete quality and cover thickness. However, the existing 
models for life length calculations could give ambiguent results, mainly because the 
difficulty in describing the environment. In addition, the degradation mechanisms are 
in many cases not elucidated. Another complication is that many material properties 
could be expected to change during the life time of the concrete through different 
aging phenomenons. Existing models are in addition only considering one degradation 
mechanisms, while in the reality two or more mechanisms act together. Examples of 
life length models are found in Fagerlund (1979, 1993) for frost action, Tuutti (1982) 
and Siemens et al. (1985) for reinforcement corrosion without chlorides, and in Tuutti 
(1982), Poulsen (1990) and Troive (1998) for reinforcement corrosion with chlorides. 
In these models it has been crucial to define the service life in terms of a threshold 
value, and also to make suitable calculations of how fast this threshold value is attained 
or exceeded.  

4.2 Structural Performance 

The term Structural Performance is widely used, probably because it covers many different 
aspects regarding the status of civil structures and can therefore be quantified in many 
ways. One way of defining structural performance is to divide it into four subgroups.

Load carrying capacity 

Function 

Durability

Aesthetics

Load carrying capacity is connected exclusively to the ultimate limit state (ULS). 
Function is a vast concept including everything which can affect the actual use of the 
structure and is in this manner related to the serviceability limit state (SLS). Some 
properties in this criterion can be quantified such as displacements and vibrations. For 
others it is more difficult, as for accessibility.
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Durability is related to how the structure deteriorates. Both ULS and SLS can be 
affected when durability progresses. The durability could be related to the inverse of 
the rate of which the performance is decreasing. Low performance decay is hence 
coupled to a high durability and vice versa. At some occasion a thorough assessment of 
the structure is required to analyse the structural performance. The assessment of 
aestetics is here governed by visual inspections where visible parts are inspected. Signs 
of corrosion and other scars could for example be detected in this way.  

4.3 Assessment of Existing Bridges 

Visual periodic inspections are normally used to assess the structural performance. A 
visual inspection protocol created by a skilled professional is important when 
determining the performance, and is in addition cost effective (ceb-fip, 2002). Possible 
drawbacks if only using visual inspection as a basis of an investigation are that every 
individual might draw different conclusions dependent on personal experiences and it is 
often difficult to quantify the performance by simply looking at the surface. More 
useful information will be obtained at an early phase by using NDT (Non Destructive 
Testing), core testing, monitoring and also refined calculations. Advanced monitoring 
techniques and surveillance systems have been used in different research projects on 
structures where the purpose has been to verify for example structural theories or 
degradation mechanisms (Paper E). The reasons to perform a structural assessment of a 
bridge can be subdivided in four main categories (Schlune and Plos, 2008)  

Changed requirements. Requirements for increased traffic loads are 
thedominating reason for structural assessments in Sweden. Other examples in 
this category can be changes in codes and regulations, or changed requirements 
due to a change in use.  

Planned reconstruction. A reconstruction often involves interventions into the 
load carrying structure, which requires a structural evaluation of the bridge. 

Damage. A bridge may become damaged due to extreme events like floods, 
storms and earthquakes. Scour is the main cause for bridge damage in many 
parts of the world. Damage can also occur due to events that the bridge was 
not designed for, such as overloading, traffic or ship impact, fire and 
explosions.

Deterioration. Deterioration can be caused by external environmental loading, 
e.g. chloride penetration, corrosion, frost, carbonation or fatigue. It can also be 
caused by reactions inside the material.  

The measures or activities included in a structural assessment vary from case to case and 
may consist of one or more of the following parts 

Structural modelling and analyses. To be able to evaluate safety and function, or to 
be able to do a more close evaluation of the condition, structural analyses and 
calculations are needed. A structural assessment of the load carrying capacity 
includes traditionally this part only.  
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More accurate inspections. The regularly inspections made may need to be 
complemented, e.g. for a more careful survey of the extension and cause for 
damage or deterioration.  

Testing and measurements. To better determine the properties of the bridge, 
testing and measurements can be conducted. These can include determination 
of material properties, real geometry, bridge condition, damage extensions, 
traffic and other loads etc. Testing and measurements can also be made in order 
to verify, calibrate and improve structural models of the bridge. This way, also 
properties that are hard to measure directly can be evaluated, e.g. boundary 
conditions, and stiffness of internal connections and of damaged structural 
elements.  

Evaluation of safety. With reliability-based methods a more detailed evaluation 
of the safety can be made. Reliability-based assessment is also open for taking 
into account object specific data, e.g. the traffic situation on the specific bridge.  

Depending on the outcome of the assessment, it will result in one of the following 
actions 

Continued use of the bridge as it is, o without further measures. If the assessment 
shows high enough load carrying capacity or safety, and satisfactory function 
and condition, no specific measures need to be taken. Instead, the assessment is 
a verification that the bridge fulfils the requirements. 

Combined with intensified inspection and/or monitoring. If the original 
requirements, e.g. regarding function or lifetime, are not fulfilled, the bridge 
may sometimes still be used, provided that the state and development of the 
condition are continuously checked through extended inspections or by 
monitoring.

Limitation of requirements. If the original requirements, e.g. regarding traffic load 
capacity or lifetime, are not fulfilled, the requirements may sometimes be 
limited, e.g. by reducing the allowed traffic loads or by allowing continued use 
for a limited time only.

Strengthening or repair. If the requirements are not fulfilled, strengthening or 
repair can often improve the bridge performance so that it meets the demands.  

Replacement. If strengthening or repair is not sufficient, the bridge 
superstructure or the entire bridge may need to be replaced.  

The engineer’s situation and how he/she could be guided in the decision making of a 
bridge has been illustrated by several authors, i.e. Sustainable Bridges (2006) and Hejll 
(2007). The former is presented in Figure 4-2. A characteristic is that the model is 
divided into three phases. Each phase requiring more effort than the previous. When 
using this type of model, the intention should always be to aim for an action which 
minimises the amount of work. This means in practice that redefined calculations are 
chosen before strengthening, and strengthening is chosen before demolition.  
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The tools are refined calculations, reliability-based assessment and monitoring. No tool 
excludes another, and the best result is achieved if several methods are used in order to 
assess the performance. Phase (III) requires reliability-based assessment and also 
monitoring. The reliability-based assessment is a powerful tool when assessing existing 
structure, and is briefly described in the next section. Further, it is in the context of this 
thesis to introduce the curvature assessment as an additional tool to create a link 
between monitoring and refined calculations. More about how curvature measurement 
could be used in structural assessment is found in section 4.4. It is belived that bridge 
owners should not wait too long before enhanced inspections are used, since the LCC 
is becoming more difficult to affect as the structure is becoming older. From this 
research point-of-view, curvature measurements should be a part of the assessment 
procedures as soon as the structure is built. This is suggested to be able to follow the 
structure in time and to make effective remedies possible when the structure is still 
within phase (I) and phase (II), as presented in section 3.7 for example.  

Doubts 

PHASE 1- Initial 
Site visit 

Study of documentation 
Simple calculation 

Doubts confirmed 
PHASE 2- INTERMEDIATE 
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Detailed calculations/analysis 

Further inspection and monitoring 
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codes and 

regulations? 

Simple repair or 
strengthening 

solve the problem? 

PHASE 3 – ENHANCED 
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inspection and 

monitoring strategy 

Unchanged use of 
bridge 

Sufficient load 
capacity? Acceptable 

serviceability? 

Demolition of 
bridge 

Strengthening of 
bridge 

Redefined use and update 
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Yes

Yes 

Yes 
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No 

Figure 4-2. Suggested flow-chart for reassessment of existing bridges proposed by the EU-
project Sustainable Bridges (2006).

The Swedish Road Administration and Railway Association have common regulations 
regarding the assessment of their respectively bridges.  
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The system is called BaTMan, which is the denotation for Bridge and Tunnel 
Management. Four different inspections are distinguished in BaTMan (Vägverket, 
2007) (Vägverket, 2008).

Synoptic inspection. The purpose with this inspection is to verify that the 
requirements defined in the maintenance contract are fulfilled. This inspection 
is done at least once per year. The inspection concern structural elements for 
which requirements are defined and actions required. 

General inspection. The purpose with this inspection is to follow up the 
assessment of damages during the last previous main inspection. This inspection 
is done whenever required or called for. All elements, except for those in 
water, are inspected. 

Main inspection. The purpose with this inspection is to discover and assess 
deficiencies which could affect the function or traffic safety during the next ten 
year period. Another reason is also to discover deficiencies which could lead to 
raised administration costs. This inspection is performed with no more than six 
years in between two inspections, and the first inspection is performed before 
the structure enters service. All elements are inspected and also the surrounding 
of the structure i.e. road embankment, slopes, rock cuts, fillings and erosion 
protections. Visual inspections can be performed. Complementary 
measurements concern concrete cracks and bond for spray concrete. The 
inspector determines also whether it is necessary to measure/control chloride 
level and carbonisation of concrete, reinforcement corrosion etc. 

Special inspection. This inspection is done whenever required in order to assess 
or follow up supposed deficiences observed during regular inspections. When a 
special inspection is performed is determined during a regular inspection and 
concerns recognised individual elements. 

4.3.1 Reliability-based assessment 

Reliability-based assessment originates from the basic requirement that the resistance R
of the structure is equal or above the load effect S. The basic design criteria can be 
written.  

R S  (3.3) 

There are generally three different detail levels to choose amongst to assure that the 
structure will not fail, or that the probability of a failure is satisfyingly low. The most 
detailed level is to use a full probabilistic analysis. The second method uses partial 
coefficients. Finally, the third method uses the criterion from soil and rock mechanics 
where the resistance R is divided with the load effect S. If the fraction is equal, or 
higher, the structure it is considered safe. The full probabilistic analysis is a versatile tool 
since it is possible to custom-make the failure function, and also because actual material 
properties and geometries are used as input data.  
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An introduction to reliability analysis can be found in Schneider (1997) and 
Diamantides (2001). Textbooks about reliability analysis have been written by e.g. 
Thoft-Christensen & Baker (1982) and Ditlevsen & Madsen (1996). Schneider (1997) 
defined reliability as “the probability that an item or facility will perform its intended 
function for a specified period of time, under defined conditions”. Examples where a 
reliability analysis has been applied in practice in structural analysis are given in 
Fahleson (1995) and Jeppsson (2003). A full probabilistic analyse is in this research used 
within Paper A, Paper C and Paper D. In Schneider (1997) the term safety is defined as 
the safety for people in the structures area of influence, not for the structure as such. 
This definition can be in practice in different design codes where the safety level 
depends mainly on the likeliness of human injury at a structural failure. In the full 
probabilistic analysis the actual material properties, geometries and load effects are 
determined for the particular structure under investigation. The result is distributions 
for resistance and the load effect and it could be illustrated as in Figure 4-3. The design 
criterion is written.  

0fp P R S  (3.4) 

Load effect/Load 
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Figure 4-3. Distributions for R and S.  

The probability that the load effect S is higher than the resistance R requires further 
analysis. The probability can be determined either analytically or through a Monte 
Carlo procedure. The latter procedure is based on the random pick of a value from the 
distributions fR (resistance) and fS (load effect) respectively, which are compared in 
between. If the picked resistance is less than the load effect the outcome of the 
particular pick equals 1, otherwise it is 0. The probability of the load effect, S, being 
smaller than the resistance, R, thus the probability that failure occurs, is calculated by 
the sum from the random pick procedure by the total number of picks. In 
mathematical terms this can be expressed  

1ˆ0 0f fp P R S p I G x
N

 (3.5) 
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I( ) is an indication function of the inequality R-S  0. If R  S, I( ) returns 1 otherwise 
0. N is the total number of simulations.  

In the analytical methods a failure surface is established, along which the resistance is 
equal to the load effect. A 3-D view to visualize this is given in Figure 4-4.  

The failure surface intersects the joint density function, fRS, that makes the border 
between safe and un-safe side. If the structure is located below the failure surface failure 
will occur, and it is safe if it is above. The probability of failure here is the volume of 
the joint density function on the un-safe side of the failure surface, divided with the 
entire volume under the joint density function.  

fR(r) 

fS(s) 

R

S fRS(rs) 

R-S=0 
(limit state) 

R-S>0 (safe) 

R-S<0 (un-safe) 

Figure 4-4. 3-D view of two random joint density function fRS(rs).  

In mathematical terms the probability of failure is established by solving the equation  

0
s

f S R S Rp P R S f s f r dr ds f s F r ds  (3.6) 

In order to calculate the response of a structure with certain properties under certain 
actions models are used. The nature of the model can be numerical, analytical or 
empirical and can be described by a functional relation  

1 2, ,... nY f X X X   (3.7) 

Here, Y is the response of the structure, f is the model function and Xi is basic variables.
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Such a model does however not precisely predict the actual response of the structure, 
which means that the outcome contains errors. The real outcome Y´ from experiments 
can be written 

1 1,... , ,...n nY f X X  (3.8) 

n are parameters which contain the model uncertainty and are treated as random 
variables. The model uncertainties account for random effects that are neglected in the 
models and also simplifications in the mathematical relations. The model uncertainties 
can in some cases be found from experimental results where the model outcome is 
compared with the actual results, if they are known. The number of comparisons 
between test and theory must in addition be large in order to reduce the statistical 
uncertainty.  

It is not often that a model uncertainty is coupled to a certain model, although this 
should be advocated in order to find the best suitable models available. It is in addition 
important from a design point-of-view to know what results the used models produce 
to be able to optimize the use of the structure.  

The two most common ways of introducing the model uncertainty into the calculation 
model are 

1 1

1 1

,...

,...
n

n

Y f X X

Y f X X
 (3.9) 

Determining the statistical properties of the model uncertainty from the first definition 
above is clarified in Figure 4-5. If no data is available for the used model one can use 
the probabilistic models for model uncertainty recommended by Diamantides (2001).  

1,.. n

Y
f X X

0 1 2 3 4 5 6 7 

Experiment number 

Figure 4-5. Estimation of model uncertainty statistics on a number of tests following the first 
definition. After JCSS (2001).  
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In Paper D, it was shown that the model uncertainty has a large influence on failure 
mode and safety. One conclusion from that study was that model uncertainty should be 
taken into consideration in order to optimize the use of the structure. This also implies 
that reliable models could be promoted and less accurate models could be penalized.  

Eurocode and also the Swedish Bridge Codes, Banverket (2004) and Vägverket (1998, 
2004), accept the use of a full probabilistic evaluation in each particular case. This is 
however not very often used, which could depend on the absence of a Swedish 
guideline for probabilistic design of bridges. In some research projects the combination 
of probabilistic analysis with monitoring has been carried out, for example in Paper A
and Paper E.

4.3.2 Inverse problem in Bridge Management 

It has previously been mentioned that it is beneficial that a monitored property should 
be possible to interpret on a material and geometrical level. This makes it possible to 
solve the inverse problem, or actually explain why the property has changed. The 
inverse problem is by definition the determination of inputs or causes (loads, stresses) 
from the observed output or responses (i.e. strains, displacements, natural frequencies, 
mode shapes, curvature etc). This is in contrast to the forward problems, where input 
data is used to determine outputs or responses. This is a major difference when 
comparing new designs and evaluation of existing structures (Sain and Kishen, 2003). 
In practice, the inverse problem is solved when the response of the structure is 
explained. Rytter (1993) proposed to divide the damage identification process into four 
interconnected levels. Every level provides an increasing amount of information about 
the damage. At the first level the conclusion whether there is damage present in the 
structure is made. At the second level the geometric location of the damage in the 
structure is in addition to level 1 determined. Level 3 also covers the quantification of 
the severity of the damage, and to reach level 4 the prediction of the remaining life of 
the structure should also performed, see Table 4-1.  

Table 4-1. Levels in the damage identification process proposed by Rytter (1993).  

Level
Damage
(decreased

performance)
Location Severity Residual

capacity

1 x    
2 x x   
3 x x x  
4 x x x x 

Any identification method that does not make use of some structural model primarily 
provides level 1 and 2 damage identification. Level 3-identification can be obtained if a 
structural model is coupled to monitoring.  
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A level 4 prediction is generally associated with the fields of fracture mechanics, 
fatigue-life analysis, or structural design assessment, and requires hence yet other 
methods to be analysed.  

One example of a technique for solving the inverse problem is the use of modal 
analysis where the structure under investigation is excited by either an applied load 
with known characteristic, or by the traffic itself. The basic idea is that measured modal 
parameters (natural frequencies, mode shapes, and modal damping) are functions of the 
physical properties of the structure (mass, damping, and stiffness). Hence, a stiffness 
reduction caused by degradation or similar will cause a noticeable change in the modal 
parameters as well as a stiffness increase after, i.e. strengthening. The theoretical 
validation is firm, but the methods have proven to give ambiguous results when applied 
in civil engineering applications. The modal analysis methods could be divided into 
four subgroups based on changes in;  

natural frequency,  

mode shape,  

mode shape derivative, also known as modal curvature,  

dynamically measured flexibility.  

The vast literature review by Doebling et al. (1996) shows that many studies have been 
performed on vibration based identification methods. In the study several confounding 
difficulties regarding using modal analysis in practice are identified. The data reduction 
through system identification procedures identifies modes, frequencies, and modal 
amplitudes from the entire data quantity and may cause loss of information about the 
current status of the structure. One cause is that the structure may be excited to 
frequencies which are not possible to resolve with the data sampling parameters. This 
leads to difficulties in interpreting the data. Changing environmental conditions during 
the test, windowing in the data and finite frequency resolution are also mentioned as 
possible causes as to why the identified modal parameters are less representative of the 
actual dynamic characteristics of the structure. A local damage is generally found by 
higher frequency modes, and the global behaviour is captured by lower frequency 
modes. More energy is required to be able to create a detectable response in the higher 
frequency modes, which could in practice be difficult.  

Damage detection by studying changes of the flexibility matrix, suggested by Pandey 
and Biswas (1994), gave better results than natural frequency. With this method it was 
possible to detect the damage earlier than for the more sophisticated methods and with 
less uncertainty. The authors do however claim that the performance of the flexibility 
matrix method is still poor in terms of an absolute criterion. The significant impact 
from environmental parameters on the natural frequency will likely reduce the 
sensitivity of the method (Huth et al. 2005).  
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Maeck and De Roeck (1999) presented a technique to determine the dynamic stiffness 
of a reinforced concrete beam in the undamaged and damaged state. The approach 
gave promising results in that study. The direct stiffness calculation method uses the 
experimental mode shapes and eigenfrequencies in order to derive the dynamic stiffness 
from modal curvature and torsion rate calculations. The calculation is based on the 
basic relation that the dynamic bending stiffness in a particular cross section is equal to 
the bending moment (M) divided by the second derivative of the bending mode ( b),
known as the curvature ( ), in the same cross section as  

2 2b

M MEI
d dx

 (3.10) 

A full scale test on a reinforced concrete bridge showed however that even severe 
damage has a low impact on natural frequencies (Maeck and De Roeck, 1999). This is 
especially pronounced in cases where the cracks in the prestressed concrete girder are 
almost closed after the loading cycle. The environmental parameters, especially 
temperature, were shown to have a significant effect on the change of natural 
frequencies. This change in natural frequency was well above the change caused by the 
damage due to the highest preload. The relative change of mode shape was in several 
points larger than the change of natural frequency. This tendency became even more 
pronounced for increased damage.  

The direct stiffness calculation gave ambiguous results both regarding damage detection 
and localization. It was shown in Huth et al. (2008) that it is very difficult to 
demonstrate the effects of prestress loss on natural frequencies of a concrete girder 
although the afflicted damage was very severe. The general conclusion regarding the 
vibration based approach is that it has not given significant signals of damage and 
location of damage in cases where cracks are closed at unloading (Huth et al. 2005; 
Toksoy and Aktan 1994). This makes a reliable damage detection evaluation using 
modal analysis of prestressed or mildly damaged concrete structures hard to perform. 
For severe damage where cracks remain open the natural frequencies and mode shapes 
give less ambiguent results and may serve as an indicator (Maeck and De Roeck 2003).  

Cruz and Salgado (2008) compared six damage detection methods based on vibration 
monitoring in two cases. The evaluation of the damage detection methods were in the 
first case performed by simulating a simply supported composite bridge, and in the 
other case on a full scale RC bridge. The general conclusions from the first case were 
that all methods could successfully indentify the damage location when noise was not 
taken into account. Dynamic response noise was here artificially created to simulate 
errors during acquisition of the data, which affected the reliability of the methods. 
Some methods were more sensitive to noise than others. The curvature method and 
the direct index method performed well for extensive damage and noisy data, while 
WPS (Wavelet Packet Signature) method gave the best results for noisy data and not 
extensive damage. In case two it was concluded that the four used methods could 
successfully localize the damage induced to the bridge.  
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Based on the published material about modal analysis it is concluded that it has the 
potential of providing information on level 1 and 2 in the damage identification 
process, despite the theoretical and practical challenges.  

4.4 Curvature Assessment 

It is suggested that curvature assessment is used to complement the current techniques 
in the damage identification process (see Figure 4-6). This is because the bending 
stiffness captured through the curvature may be used from several aspects when 
optimizing the use of an existing bridge. Those aspects are listed below and further 
discussed in the section.  

Condition assessment. Solving the inverse bridge management problem. A 
performance change is detected and explained either on material property or 
geometry. Decisions about the use of the structure are then made based on the 
outcome of this assessment.  

Refined calculations. Use the results to refine the models used for SLS and ULS 
performance. For example, it might be possible to treat the structure as un-
cracked if it has been shown from curvature assessment that it is actually un-
cracked.  

Optimized LCC. Time until a major repair and/or strengthening procedure is 
estimated using the bending stiffness development captured by curvature 
measurement.  

Assessment 

Curvature 
assessment 

Visual
inspection 

Probabilistic 
analysis 

FE-analysis 

Modal 
analysis 

Figure 4-6. Assessment is a part of the Bridge Management System. Curvature assessment is 
suggested to be part of this assessment.  

Curvature measurement has the potential of providing to all four levels in the damage 
identification process. Damage is in this context a reduction of bending stiffness in 
relation to un-cracked and intact conditions.  
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Level 1. It is possible to capture the bending stiffness of a bent RC member. 
Comparisons to theory or stiffness development in time reveals if 
damage is present.  

Level 2. It can be difficult to determine the exact location of a reduced stiffness. 
However, if the global bending stiffness is considered to reflect the 
overall behaviour of the structure the requirement stated in level 2 is still 
possible to achieve.  

Level 3. It has been shown from experimental tests in combination with linear 
elastic theory that it is possible to determine the bending stiffness in 
relation to un-cracked and cracked conditions (Paper C). It is therefore 
relatively easy to couple a structural model for curvature assessment 
applications. This makes it possible to assess the severity of the damage.  

Level 4. It might be possible to provide information for fracture-mechanics, 
fatigue-life analysis and structural design assessment based on the results 
from previous levels.  

4.4.1 Condition assessment 

The load carrying capacity, R, is a function of geometric and material properties while 
the load effect depends mainly on the acting load, F, location of the load, x, and the 
support restraint, s (see equations 3.11 and 3.12). A typical degradation mechanism 
will affect material properties and/or the geometries in time, as seen in the corrosion 
model proposed by Tutti (1982) for example. The resistance, R, could therefore be 
time dependent as the capacity reduces due to degradation. S could also be time 
dependent if the load effect increases from raised demands at different points in time.  

The bending stiffness is a function of the resistance, R, and the load effect, S. That is, if 
the fraction S/R is small the stiffness is high, and as S/R increases the stiffness is 
eventually reduced.  

, , ,.. , ...s y ccR f h b d f f  (3.11) 

, , ..sS f F x  (3.12) 

,...SEI f
R t

 (3.13) 

If the resistance and load effect are time dependent, then also EI could be time 
dependent, and the general appearance of the structural behaviour in time could be 
illustrated as in Figure 4-7. During this time period the structure travels through the 
four identified phases from un-cracked conditions, followed by crack development, to 
the phase where the cracks are fully developed. Finally, in exceptional cases the 
degradation may be so severe that we assume yielding of reinforcement or crushing of 
concrete occurs.  
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Degradation is here a simplified to an arbitrary mechanism which reduces the capacity 
of the structure. Each degradation mechanism should generally be explained on 
material or geometry, earlier discussed in section 2.5.  

Monitoring at different occasions during the service life, 1 to 5 in Figure 4-7, can be 
done in order to find the stiffness development in time. It is seen in the figure that the 
structure is in phase (I) at step 1. The structure has entered phase (II) at step 2 as the 
stiffness has decreased slightly. The structure is still in phase (II) in step 3, but the 
stiffness has now been significantly reduced. The structure leaves phase (II) and goes 
into phase (III) somewhere between step 3 and 4. In step 5 it is assumed that the 
structure has gone into phase (IV). The general stiffness development, as it is found 
within this work, is seen as a bold line in the figure and the estimated stiffness between 
the measurements is drawn with a thin line. The example is again based on that 
degradation and/or load increases linearly with time. Another case could be that if a 
constant high stiffness is measured at several occasions, it could be assumed that the 
structure has not been exposed to a load effect or degradation which has caused 
cracking. If a low constant stiffness is recorded the structure is within phase (III), which 
means that it is fully cracked. A reduced steel mass caused by e.g. corrosion could 
however reduce the stiffness below the original level of phase (I) or (III), see section 
3.6. Another case why the structure has left phase (I) could be that a heavy load has 
lead to instantaneous cracking, as seen in Figure 4-8. Finding the source of a reducing 
bending stiffness is important because this enables possibly that the maintenance is done 
in a more effective manner. Ideally the problem is identified at an early stage, and 
suitable countermeasures can be used early in the damage process.  
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Figure 4-7. Bending stiffness development in time during a reducing fraction S(t)/R(t).  
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Figure 4-8. Instantaneous stiffness reduction caused by a heavy load.

4.4.2 Refined calculations 

In a design case, the average capacity, RA, is reduced down to the characteristic 
capacity, RC, and further reduced down to the design capacity, RD, in order to obtain a 
satisfying safety margin (see Figure 4-9). These reductions are mainly caused by 
uncertainties regarding material properties, geometries and also the used model. From a 
design perspective a failure has occurred as soon as the load effect has exceeded RD.

EI

Bending moment 
RA

Material Geometry Model 

RD

Safety margin 

’Reserve 
capacity’ 

RC

Figure 4-9. Safety margin in terms of (moment) capacity, R, and bending stiffness, EI.  
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Considering the actual behaviour of the structure could result in a situation where the 
structure is located within phase (I) (un-cracked) or phase (II) (crack forming) when 
the design load is obtained. If cracked conditions are used, as an assumption on the safe 
side, this might give rise to a ‘reserve capacity’ in terms of a higher stiffness than 
assumed. The safety margin in combination with this ‘reserve capacity’ may result in a 
structure which is unnecessarily safe. If the crack conditions are verified through 
curvature measurements, the calculations could be refined and possibly render in a 
more efficient use of the structure. One of such optimizations could for example be to 
increase the residual fatigue life or increased allowable loading. It should however be 
mentioned that an increased load induces further cracking which could change the 
behaviour of the structure.  

4.4.3 Optimized LCC 

It has previously been mentioned that when the structure has reached phase (III), it can 
be difficult to say something about the performance development using the bending 
stiffness approach. Further, it is from an SLS point of view not beneficial if the 
structure is located within phase (III). In respect to this, reaching phase (III) is suggested 
as a possible threshold value. In Figure 4-10 the time until the structure has reached 
phase (III) is illustrated. The structure is in phase I during the first monitoring occasion, 
m1, at time, t1, and has started to crack during monitoring occasion two, m2, at time, t2.
The remaining time until phase (III) is obtained, TR,1, is estimated by extending the 
stiffness development until it crosses the stiffness which corresponds to phase (III). This 
estimation is improved by yet another monitoring occasions, m3 and m4, at time t3 and 
t4 respectively. The estimation of the time until phase (III), TR,2, is done in the same 
manner. It is beneficial if the cause of the reducing bending stiffness is explained when 
the stiffness is still relatively high. Suggestions on how to delay or even stop cracking 
are proposed and executed before either material property or material has affected the 
structure in such an extent that more advanced and costly remedies are necessary. On 
the other hand, if the structure is allowed to reach phase (III), different alternatives how 
to solve the stiffness reduction are compared by calculating the present value for each 
one. It is here required that the estimated time until phase (III) is reached, TR, together 
with the estimated cost of each procedure, BR. Relevant procedures are proposed based 
on previous assessments where the cause of the negative change is established as far as 
possible. If the cause is un-known it is difficult to quantify technical and economical 
consequencies. The present value for the upgrading procedure, CR, is calculated as  

R

R
R T

BC
1 r

 (3.14) 

From an economical point of view it is beneficial if the procedure is performed as far in 
the future as possible, since the present value reduces. However, during this time the 
stiffness of the structure could be reduced.  
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Two cases are distinguished  

The damage is treated immediately. The present value of the procedure is high, 
but the performance of the structure is still relatively good. Relatively simple 
and cost effective remedies could be sufficient, see left column in Figure 4-10 
(left).

The damage is treated as far in the future as possible. The present value of the 
procedure is small, but the performance of the structure has been reduced 
significantly, which may require extensive and costly remedies as seen in the 
right column in Figure 4-10 (right). 

EI

Time

TR,2 TR,1

m1

m2

m3

t1 t2 t3 t4 t5

m4

Cost 

Time

TR,2 TR,1

t2 t3 t4 t5

Figure 4-10. Left: Estimation of remaining time until structure is fully cracked. After the 
second measurement the remaining time until the structure behaves fully cracked is TR,1, and 
after the third and fourth monitoring the time is TR,2. Right: Estimated time until enhanced 
inspection and upgrading procedure, based on curvature measurement. The time TR,1 is 
updated after a third monitoring occasion to TR,2.
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5
Case studies 

This chapter presents two individual cases where full scale structures have been tested. The first 
one is the unique failure load test of the, at the time of the test, 50 years old railway concrete 
trough bridge located in Örnsköldsvik, Sweden. The test was performed within the The 
Commission of the European Community funded project “Sustainable Bridges” during June and 
July 2006. The second case is the test of the Panken road bridge which was carried out during 
May and June 2007.  

5.1 The Örnsköldsvik Bridge 

5.1.1 Introduction

In the project Sustainable Bridges two important objectives were to increase the 
transport capacity and service life of existing bridges, Olofsson et al. (2008). In order to 
demonstrate new and refined assessment and strengthening methods developed in the 
program, field tests of existing bridges were carried out. One of the bridges that was 
tested was the 50 year old two-span concrete trough bridge located in Örnsköldsvik in 
the northern part of Sweden, SB 7.3 (2007).  

5.1.2 Information about the bridge 

The bridge was a reinforced concrete railway trough bridge with two spans 12 plus 12 
meters, see Figure 5-1. The bridge was built in 1955 and was taken out of service due 
to the building of a new high-speed railway close to the bridge, the Bothnia Line.  



68

The bridge was planned to be demolished in 2006 and the opportunity to test the 
bridge before it was demolished came up. The plan was hence to load the edge beams 
to a shear failure in order to investigate its remaining ultimate load carrying capacity 
after a service period of 50 years. However, for all reasonable placement of the load, 
bending failure would occur. For this reason it was decided to strengthen the bridge 
with carbon fibre composites in order to change the failure mode. The system chosen 
was Near Surface Mounted Reinforcement (NSMR) (Nordin, 2003), a strengthening 
system developed at Luleå University of Technology. In Paper D, some aspects 
regarding the change of failure mode are presented.  

The bending reinforcement in mid-span consisted of 25 25 mm tensile bars 
(12272 mm2) and 8 25 mm bars (3927 mm2) in compression. The diameter of the 
shear reinforcement was 16 mm and the distance between the stirrups was 150 mm. 
The height and the effective depth of the beams were 1200 mm and 1100 mm, 
respectively. The distance to the compression reinforcement was 100 mm.  

5.1.3 Condition assessment

The bridge was visually inspected in 2005 before the decision was taken to test it. 
Additional inspections were made, first by Luleå University of Technology (LTU) and 
later by Bundesanstalt für Materialforschung und prüfung (BAM) and the Danish 
consultancy within Engineering, Environmental Science and Economics (COWI). No 
ongoing corrosion was observed, nor were any cracks noticed. Material data can be 
found in Paper E.

Figure 5-1. The Örnsköldsvik Bridge (Paper E).  

5.1.4 Test results 

The bending stiffness during the failure load test is shown in Figure 5-2. At moderate 
load levels (1-2 MN) the stiffness was very high (~50-60 GNm2), and then 
continuously decreased until failure occurred.  
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Phase (I), (II) and (IV) can be distinguished. It is assumed that increased cracking occurs 
continuously until failure occurs, caused by extensive and complicated crack pattern in 
the support structure and in the bridge itself. This makes phase (III) invisible, but the 
vast phase (II) is from a curvature assessment point of view considered favourable 
because the stiffness can then be useful even for higher loads. The initial high stiffness 
indicates that the Bridge was un-cracked before testing, although the NSMR 
strengthening increased the stiffness above the as-built bridge. The tensile steel 
reinforcement started to yield (at the location of the strain gauge) at approximately 10 
MN, and a shear failure occurred at about 11 MN.  
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Figure 5-2. Local and global bending stiffness during failure load test of the Ö-viks Bridge.  

The strengthening effect was also captured from the curvature measurements, which is 
shown in Figure 5-3. A modern train set transporting heavy iron ore would 
approximately generate a point load equal to 1.2 MN. Around 10 trains would thus be 
necessary to pile on top of each other to produce a failure of the Örnsköldsvik Bridge if 
considering bending and shear capacity, see an illustration in Figure 5-4. However, 
other failure modes might be limiting in the long run, e.g. fatigue or crushing/buckling 
of the column. Neither column failure nor fatigue have however been analysed at this 
time.
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Figure 5-3. Strengthening effect of the Örnsköldsviks Bridge. Left: Local. Right: Global.  

Figure 5-4. Train load required to make the Örnsköldsvik Bridge fail in terms of trains. (SB 
7.3, 2007).  
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5.2 Panken Bridge 

The Panken Bridge is a concrete girder bridge on the highway E18 between 
Stockholm and Oslo. The bridge is owned by the Swedish Road Administration and is 
located  east of Karlstad in Sweden. The road bridge carries traffic above the swamp in 
the vicinity of the lake Panken. The bridge consists of six spans, each one reaching 
either 13.5 or 21 metres. The total length of the bridge is 117 metres including the 
support structures and is partly seen in Figure 5-5.  

Figure 5-5. The Panken Bridge.  

5.2.1 Condition assessment 

The bridge was built in 1977 and has been used until 1994 without any noticeable 
problems. Numerous cracks were found both in the spans as well as in the supports at a 
periodic visual inspection in 1994, seventeen years after the bridge had been 
constructed. The Swedish consultant, J&W, performed a detailed investigation of the 
Panken Bridge in 2001. The result from the inspection was that all main girders were 
cracked along the beams in all spans. In the mid-span the cracks could in most cases be 
followed from the bottom edge of the girders all the way up to the underside of the 
slab. The cracks went therefore all the way through the beams, see Figure 5-6. Most 
cracks were 0.2-0.3 mm, but at some casting joints they were as much as 1 mm.  
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Over supports the cracks generally went both through the slab and the beam, ending a 
bit above the bottom side of the beam. The crack pattern was concluded to have arisen 
due to dead load and traffic load and that the crack widths were acceptable in the 
particular environment. There was however a concern about cracks in the top edge of 
the slab above supports which could be larger, and that it was important to make sure 
that the insulation on the slab was intact.  

Figure 5-6. Girder with crack pattern elucidated by chalk.  

As a result of the inspection a classification calculation was decided to be conducted in 
order to verify the capacity of the bridge. This was done in 2004 by the consultant 
WSP. The classification calculation resulted in a moment capacity of 176 kN. The 
Swedish Road administration was interested in increasing the capacity of Panken 
Bridge to 230 kN because all other bridges along the route fulfilled this capacity 
requirement.  

In September 2006 the bridge was strengthened in bending using CFRP plates to meet 
the new ULS requirement and also to reduce future crack growth (SLS requirement). 
The bridge was monitored before being upgraded, i.e. deflections and strains were 
recorded during a set of loading sequences using a truck loaded with gravel. The same 
monitoring procedure was then also performed after strengthening, and data is still 
being collected as of the beginning of 2009. This is done in order to verify the long 
term effects of the strengthening. The collecting of data is in a load range where SLS is 
of more importance than ULS. The aim for monitoring of the bridge was to verify the 
strengthening effect in terms of global and local curvature, on crack widths and also 
mid-span deflection.  

Span 5-6 in Figure 5-7 was the target area for monitoring. Sensors were mounted on 
two of the three main girders in mid-span in order to see effects of differentiated 
temperature.  
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On the northern girder the displacement was measured by an LVDT (Linear Variable 
Differential Transformers) (Lvdt_N), the strain in the tensile steel recorded by a 
traditional strain gauge (SgS_N), and two crack opening devices (Cod1_N and 
Cod2_N) measured the crack width on two locations. The south girder was monitored 
in the same fashion, but here there were also strain gauges installed on the compressed 
steel and concrete. After strengthening, additional strain gauges were glued on the 
CFRP plate (SgF_N and SgF_S).  

13.5m21.0m21.0m21.0m21.0m13.5m

117 m
13.0m

Figure 5-7. The Panken Bridge in plan and elevation.  

The tyres of the gravel truck used for loading were placed close to the railing on the 
north side of the bridge. This load thus mainly affects the monitored north girder, but 
also the mid girder and even to some extent the south girder. How much depends on 
the torsional stiffness of the bridge. For an infinitely torsional stiff bridge the curvature 
would be equal for the three girders for any load location perpendicular to the length 
axis of the bridge. As the torsional stiffness decreases the individual curvature of each 
girder becomes more and more dependent on the position of the load. Hence, in cases 
where the torsional stiffness is not under investigation, it is beneficial to apply a load 
which is distributed across the width of the bridge. This gives a scenario where 
uncertainty regarding contributing flange width etc. can be reduced. In some cases it 
might be enough to compare test results at different points in time and/or for different 
conditions. However, by planning the test from an evaluation point of view, more 
precise results can be obtained. A schematic of the bridge cross section including gauges 
is given in Figure 5-8.  
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Figure 5-8. Gauge locations in studied cross section together with location of truck tyres.  
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5.2.2 Strengthening 

The strengthening method chosen was externally bonded CFRP plates which were 
located in the soffit of the beams. The strengthening design originated from the new 
requirement in ULS. An increased SLS performance (decreased crack width and 
increased stiffness) was expected, but any criterion for this was not established for in the 
design process.

The strengthening design or work is not presented in detail. It can however be 
mentioned that four 50 1.4 mm CFRP laminates were bonded to each girder. A high 
modulus CFRP plate with a Young’s modulus of 170 GPa, rupture strain 15‰ and 
rupture strength of 2500 MPa was used. The stiffness ratio of these laminates in 
comparison to the existing tensile steel reinforcement is approximately 10%. An 
increased stiffness of the tensile part of the cross section is hence around 10%. A more 
detailed calculation, and also recorded data, should however be analysed in order to 
verify what the strengthening does to for example the height of the compressed zone of 
the concrete.  In Figure 5-9 four photos are shown from the strengthening procedure.  

Figure 5-9. Bridge beams strengthened with externally bonded CFRP plates. Upper left: 
Concrete surface prepared for strengthening. Upper right: Cut-off end of CFRP laminates at 
column. Lower left: Cut-off end along span. Lower right: Strengthening scheme in mid-span.  
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5.2.3 Theoretical performance increase 

In the particular case where the strengthening effect is verified by loading the bridge 
before and after strengthening using a truck with known axle loads, a comparison can 
only be made in the SLS. SLS concerns deflections, crack widths, and vibrations. It has 
been argued that fatigue is also a matter of SLS, but this is not generally accepted and 
not investigated or discussed here. However, all other attributes are affected by the 
moment of inertia of the structure. A decreased moment of inertia will cause increased 
deflections, crack widths and vibration amplitudes. In addition, the stress state will 
become unfavourable for fatigue in the structure if the stiffness is reduced.  

Here the north girder is studied and a model for calculating the moment of inertia for 
this part of the structure is needed. One question which arises is how much of the slab 
that will contribute to the moment of inertia of the north girder. Two examples are 
given in Figure 5-10. It is assumed that the contributing flange width reaches the mid 
point between the north and centre girder.  

North 

Model 1 flange 

Model 2 flange 

b1

b2

h1

h2

As

A´s

ds

d´s

Figure 5-10. Two models for calculating moment of inertia for the north girder.

The following expressions are used when calculating the moment of inertia of a T-
section with geometry given in the figure above. First of all, the neutral axis, y0, is 
determined.
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Now the moment of inertia is formulated in the case where the neutral axis is located 
below the slab within the main girder.  
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 (4.2) 

In cracked conditions the neutral axis is calculated by solving the force equilibrium 
equation.
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In the case where the neutral axis is located in the slab the equation becomes 

2
1 1
2 s s s s s s

b x A x d A d x  (4.3) 

In the case where the neutral axis is below the slab within the girder the equation 
becomes

2
11

1 1 1 2 1
2 2 s s s s s s

x hhb h x h b A x d A d x  (4.4) 

The moment of inertia is now expressed in the two cases (x is in the slab or below) 
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When calculating the moment of inertia for the entire bridge the measure b1 is put 
equal to the bridge width (13 m), and b2 equal to three times the girder width 
(3 0.9=2.7 m). Further, the total amount of steel reinforcement in the bridge is used in 
the calculation. Finally, the resulting moment of inertia is divided by three to estimate 
the contribution from each girder. It is prescribed in BBK04 (2004) that for outdoor 
structures the modulus of elasticity for concrete is reduced for long-term in order to 
consider creep. The creep number  is 0, 1 or 2 and is used in the equation below.  

1
c

ce
E

E  (4.7) 

Long term is in the following when the creep number is put equal to 2, and short term 
when it is 0. A summary of calculated values for gravity center and moment of inertia 
in different situations are presented in Table 5-1.  

Table 5-1. Summary of calculated values of as-built and strengthened girder.  

 As-built bridge Strengthened bridge 
 Short term Long term Short term Long term 

y1 [mm] 511 519 513 524 
y2 [mm] 118 190 128 207 
I1 [mm4] 483.5 109 532.7 109 487.6 109 545.1 109

I2 [mm4] 42.5 109 118.2 109 50.6 109 140.0 109
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The theoretical strengthening effect is seen both on the increased height of the 
compressed zone and the moment of inertia, see Table 5-2. The conclusion is that 
strengthening is more efficient if the structure is in cracked conditions. Long term 
loading has a positive effect on the strengthening effect in un-cracked conditions, but 
not in cracked. This depends on the fact that the ratio between EA for strengthening 
material in comparison to concrete becomes larger when the modulus of concrete, EC,
is reduced.

Table 5-2. Theoretical strengthening effect [%].  

 Short term Long term 

y1 0.4 1.0 

y2 8.5 8.9 

I1 0.8 2.3 

I2 19.1 18.4 

5.2.4 Performance increase from monitoring

These results were recorded when a truck was standing with the rear wheel axes 
centred on top of mid-span. The weights of the front and rear axis were measured 
before the test. The weight of the vehicle and temperature during the test is given in 
Table 5-3.

Table 5-3. Loads and temperature from load tests.  

Before strengthening Date 2006-07-03 

Total load 
25 200 kg 

Front load 
7 200 kg 

Rear load 
18 000 kg 

Temperature

26°C
After strengthening Date 2006-09-04 

Total load 
26 320 kg 

Front load 
6 700 kg 

Rear load 
19 300 kg 

Temperature

14°C

Only the additional load (gravel truck) was used in the bending moment calculation. 
This means that the measured curvature is related to the bending moment produced by 
the gravel truck. Hence, both the bending moment caused by dead weight and the 
curvature, which this moment has caused, is neglected. This simplification might affect 
the absolute value of the measured stiffness. However, the comparison before and after 
strengthening should not be interfered due to this assumption. The moment of inertia 
of the bridge, calculated from test results, indicates that the bridge is stiffer after 
strengthening.  
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The global moment of inertia over a span of 6 metres increased from 60 109 to 
75 109 mm4 (+25%), and the local inertia increased from 200 109 to 250 109 (+25%). 
The measured global moment of inertia when a truck was placed on the bridge before 
and after strengthening is shown in Figure 5-11. The assumption regarding zero 
restraint in the support is expected to produce results which show that the bridge is 
stiffer than it actually is, compared to theory. The explanation is that the calculated 
bending moment is in reality higher.

Comparing theory with tests shows that the measured moment of inertia is rather close 
to cracked conditions. Further, from the significant strengthening effect (~25%) and the 
previous theoretical results, it is further emphazised that the Panken Bridge was cracked 
before strengthening. The visual cracks do thus affect the structural behaviour, and can 
be assumed to be through cracks. The small temperature difference ( T=12°C) 
between the monitoring occasions is believed to not affect test results significantly.  
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Figure 5-11. Global moment of inertia before and after strengthening and analytical moment 
of inertia.

Both crack widths and mid-span deflection were reduced by the strengthening. The 
order of the strengthening effect is around 5% on crack width and 10% on deflection, 
as can be seen in Figure 5-12.  
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Figure 5-12. Left: Crack width before and after strengthening. Right: Mid-span deflection 
before and after strengthening.  

5.2.5 Discussion and conclusions 

The crack pattern implies that the cracks arose from bending moment, most 
likely from the dead weight. No information as to whether the bridge has been 
subjected to overload at some previous occasion is found.  

The Panken Bridge was not monitored after it had been built. If this had been 
done it would have been possible to draw further conclusions regarding the 
condition of the bridge before strengthening, i.e. why and when cracking was 
initiated etc.  

It was found that the Panken Bridge was not only cracked, but its behaviour 
was such that the monitored moment of inertia was close to the theoretical for 
cracked conditions. Further, the rather large strengthening effect, in terms of 
moment of inertia, also suggests that the bridge was cracked before 
strengthening.  This is concluded after comparing the theoretical strengthening 
effect in cracked conditions with the measured strengthening effect.  

5.3 Conclusions from the case studies 

The Örnsköldsvik and Panken Bridge are two full scale bridges which have been tested 
due to different reasons. The test of the Örnsköldsvik Bridge was done because the 
bridge would in any case be demolished, and that the test results would serve as a 
valuable database for validating current test methods and calculation methods for the 
shear capacity. The test of the Panken Bridge was initiated by concerns about the status 
of the structure. Both crack problems (SLS) and ultimate capacity in bending (ULS) 
had to be upgraded in order to satisfy the bridge owners, the Swedish Road 
Administration.
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The Örnsköldsvik Bridge was initially very stiff, which suggests that the maximum 
historical load effect has never reached above the cracking moment. It can hence be 
concluded that the Örnsköldsvik Bridge has never been critical in terms of load 
carrying capacity of the edge beams. Assuming that the shear capacity is in the same 
order as the bending capacity there would be no load carrying capacity issues for 
further use of the Örnsköldsvik Bridge. However, a reliability-based assessment should 
be performed in order to verify the safety of the bridge. Such analysis can be found in 
Paper E, and also in Paper D.

The status of the Panken Bridge in terms of bending stiffness could be captured because 
the bridge was monitored before and after strengthening. As opposed to the 
Örnsköldsvik Bridge, the significant strengthening effect of the Panken Bridge proves 
that it was degraded from severe cracking before strengthening. The results from the 
curvature measurements on the Panken Bridge imply that it was indeed a good 
decision to strengthen the bridge in bending in order to increase the SLS performance. 
However, if the curvature would have been monitored during the service life, it might 
have been possible to reserve the stiffness of the bridge itself. Further evaluation of the 
load carrying capacity is necessary due to two reasons.  

Firstly, it is difficult to draw precise conclusions about the load carrying 
capacity from curvature measurements.  

Secondly, the upgraded bending capacity has increased the possibility of a shear 
failure. An analysis where the probability of a particular failure mode, given 
that failure occurs is given in Paper D.

In a typical bending stiffness graph the location of the Örnsköldsvik and Panken bridges 
is in entirely different places as can be seen in Figure 5-13. The Örnsköldsvik Bridge 
was concluded to be un-cracked when the failure test began with a very high initial 
stiffness. The Panken Bridge on the other hand is severely cracked, and the bridge is 
somewhere along the plateau in phase (III). It is appropriate to consider the bridge as 
cracked in further evaluations, for example in refined deflection and residual fatigue 
capacity calculations. It is however difficult to say where along the crack forming phase 
the bridge is located, which requires special attention to the ULS performance. It is 
suggested that a reliability-based assessment is performed where the probability of each 
failure mode is estimated.  
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Figure 5-13. Bending stiffness of Örnsköldsvik and Panken Bridge.  

The strengthening effect in a life cycle perspective for Örnsköldsvik and Panken 
Bridges are given in Figure 5-14. Two points in the stiffness graph are known in both 
cases, before and after strengthening. The behaviour after strengthening until failure of 
the Örnsköldsvik Bridge is known from testing. From the test results it can be 
concluded that the bridge has never been exposed to such loads that it has lost stiffness 
due to cracking. The stiffness development of the Panken Bridge is un-known both 
before and after the upgrading procedure. The time period for cracking to occur, and 
also the cause of cracking, would possibly have been achieved if the curvature of the 
bridge was monitored at frequent occasions during the service life. In an ideal case, 
cracking would have been limited in an earlier stage than in this actual case presented 
above. The same amount of strengthening material would in practice maintain the 
stiffness of the structure itself, instead only relying on the additional material as such. 
This would have a positive effects especially in the SLS.  
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Figure 5-14. Effects of strengthening in a life cycle perspective. Left: Örnsköldsvik Bridge. 
Right: Panken Bridge.
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6
Discussion & conclusions 

In this chapter a discussion, general conclusions and suggestions of future research are given based 
on the extended summary and appended papers that are presented. In addition, the research 
questions raised in chapter 1 are answered.  

6.1 Discussion

Measuring the curvature makes it possible to capture the bending stiffness of a member 
subjected to flexure. It has been shown within the present research that the bending 
stiffness could be used as a PI. The performance in this context refers to load carrying 
capacity and/or durability. However the PI cannot be used as defined in the ultimate 
limit state of the structural member, but is very useful in the serviceability limit state 
since it can predict changes in stiffness behaviour.  

Furthermore, it has been shown through laboratory and full-scale testing that the 
bending stiffness for an RC member subjected to flexure passes four distinct phases; un-
cracked (I), crack forming (II), crack stabilising (III) and failure (IV). The transition 
from un-cracked to cracked conditions does not occur instantaneously. A structural 
member can typically only move forward through these phases, never reverse, due to 
the irreversibility of cracking. Phase (I) is however reverible due to the absence of 
cracking. The stiffness reduction could be delayed by pre-stressing, and the stiffness 
could also be increased by improved geometrical properties by strengthening.  

If the structure is in phase (I) it could be concluded that it has not exceeded the 
cracking moment. The stiffness can however change due to changing material and/or 
geometrical properties.  



84

The modulus of elasticity of steel and concrete is especially of importance here. For 
example, reduced steel mass caused by corrosion and concrete deficiencies might 
reduce the stiffness, although no cracking is initiated.  

If there is a significant negative trend in the stiffness development over time, it is likely 
that the structure is within phase (II). The governing cause of the stiffness reduction 
may be coupled to cracking. The causes of cracking could either be that the geometry 
or the material properties are affected negatively. Geometry changes which could cause 
cracking are steel mass loss due to corrosion, concrete spalling and internal cavities 
created by leaching, to mention a few. Increased cracking could possibly also be 
associated with reduced tensile strength of the concrete, fatigue loading or an overload. 
The overload is here defined as the highest load the structure has been exposed to. If it 
is concluded that the structure is located in phase (II) it might be possible to delay 
further cracking by creating a plateau in the stiffness development. This could for 
example be done by external pre-stressing. In this case, both additional material and 
delayed cracking contribute to increase the stiffness. It is beneficial if the cause of the 
reducing stiffness is established before any remedies are taken in action. The extent of 
phase (II) has been shown in experimental tests, Paper C, and in the literature (Branson, 
1977) to be in the order of four times the cracking moment. It is however difficult to 
exactly foresee this prior to testing. Phase (II) could for a full-scale bridge even be 
difficult to distinguish most likely because the complex crack formations created during 
loading (Paper E).

Changed geometrical and material properties might affect the bending stiffness, 
although no further stiffness loss due to cracking is expected in phase (III). This could 
result in an insignificant bending stiffness reduction and diminutive signs of 
deterioration in progress. If the structure is within phase (III) it is thus especially 
important that the structural safety is ensured.  

It is concluded that the bending stiffness can be used as a complementary tool when 
assessing existing concrete structures. Curvature assessment is suggested to be used 
during the entire service life, not only when an enhanced assessment is carried out. 
Three different aspects are identified for how curvature assessment could be useful 

1. Condition assessment. A performance change is detected and explained either on 
material property or geometrical level. Decisions about the use of the structure 
are made based on the outcome of this assessment.  

2. Refined calculations in serviceability and ultimate limit states. Use the results to refine 
the models in SLS and ULS. For example, it might be possible to treat the 
structure in its actual condition.  

3. Optimized LCC. Time until a major repair and/or strengthening procedure is 
estimated using the bending stiffness development captured by curvature 
measurement. Here, the technical performance should be valued in relation to 
optimized economical models.  
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6.2 Conclusions 

From the present research the following answers to the defined research questions are 
given one by one.  

The first research question raised was if existing relationships, such as the 
curvature/stiffness relationship, can be used to give satisfying results when evaluating 
the bending stiffness for a concrete member. Based on experimental tests and case 
studies it can be concluded that existing elastic relationships using plain sections give 
satisfying results in terms of bending stiffness. This concludes that a measured stiffness 
can be compared with the calculated stiffness in un-cracked, phase (I), and cracked 
conditions, phase (III). Errors might however have negative influences on the evaluated 
results in cases where the bending moment is difficult to define and/or corresponding 
curvature is affected by other causes than purely the acting bending moment itself.  

The second question asked was whether the global or local curvature should be used. It 
has been shown that it is preferrable to use the global curvature since this property 
gives additional information about the structural member.  

The third question regards what geometrical and material properties govern the 
structural performance. It has been described within the thesis that beam height and 
width, effective height, distance to compressed steel, height of compressed concrete 
and area of tensile/compressed steel reinforcement are important parameters in terms of 
geometrical quantities. Concrete properties are sometimes complicated to define, in 
particular due to time effects. It has partly been shown in the thesis that creep affects 
the curvature, but here additional research is needed. This is an elementary conclusion. 
The interesting part is that it is possible to relate the measured bending stiffness to these 
basic material and geometrical properties through simple analytical models.  

The fourth and final question was whether the PI approach can improve an LCC 
analysis. In the thesis the possiblity to use a threshold value up to phase (III) and also 
predict the time until it is reached has been discussed. This suggests that it is possible to 
use curvature assessment as a part of the LCC.  

6.3 Future research 

Future research is divided into one technical part and one part regarding the 
implementation of curvature measurement into bridge assessment.  

6.3.1 Curvature measurement 

It is crucial that deformations caused by long-term (creep and shrinkage) and 
temperature effects are known to be able to use curvature assessment in practice. If the 
deformations caused by these are significant in relation to the deformations caused by 
the applied bending moment, they must be estimated and taken into consideration.  
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Figure 6-1 shows that the measured deformation, M, is the sum of the relevant 
deformation, , and the estimated deformation caused by long-term and temperature 
effects, E. It could be interesting to monitor curvature from the construction of a 
bridge an forward, where the intention is to isolate the deformations which are 
associated to the bending stiffness from those which are adding up to the total 
deformation. The estimation of the latter could for example be made analytically or 
using FE-simulations. Another future research topic could be to study the effects of 
only measuring curvature based on additional loading.  

Original surface 
shape 

Curved surface 
shape 

Curvature rig 

M E

Figure 6-1. The relevant deformation for stiffness evaluation, , is found by subtracting the 
estimated deformation, E, caused by long-term and temperature effects from the measured 
deformation, M.

6.3.2 Bridge Management (implementation of curvature measurement) 

Since it has been discussed that there is a contradiction between the optimization of 
economical investments and the PI, it would be useful to further study when remedies 
should be performed with respect to the PI in combination to financial parameters. 
The issues concern therefore whether it is beneficial from an economical point of view 
if a procedure is performed a further on in the future. In contrast, the actual behaviour 
may change during this time, which may require that more and more costrly 
procedures are required to retain a sufficient performance.  

Figure 6-2 illustrates the damage/degradation in terms of reduced bending stiffness and 
the present value factor. Let’s assume that the fatigue capacity is the issue under 
investigation. Initially the stiffness is very high. This means that the fatigue life is 
relatively long since the stresses caused by the applied moment are low. As time passes, 
a stiffness reduction is found from curvature measurement. This results in a situation 
where the stresses caused by the applied moment steadily increases with a reduced 
fatigue life as a result. Another case would be that the SLS requires a certain bending 
stiffness. Early in the degradation process it might be enough to prevent further 
cracking. If the structure is instead allowed to reach phase (III), an increased amount of 
additional material is required in order to bring back the required stiffness, see also 
Figure 3-13 (right). It is here assumed that the cost to solve the damage/degradation 
issue is related to its extent.  
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The present value of the future cost is calculated by multiplying with what is here 
defined as the present value factor (PVF), given in equation (6.1). Thus, a combination 
between the cost and the PVF is found in every point in time, which could serve as a 
basis for deciding when remedial actions should be performed keeping both functional 
and economical aspects in mind. Two cases are exemplified in Figure 6-2, 1 and 2.
The damage is in case 1 modest, but the present value factor is high which is in 
opposite to case 2, where the damage is significant but the present value factor is now 
lower.

1
1 nPVF

r
 (5.1) 

where r is the discount rate and n is the number of years until the procedure is 
performed.
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Figure 6-2. Performance and corresponding damage in relation to the present value factor.  
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ABSTRACT 
An increasing number of concrete structures are in need of rehabilitation and 
retrofitting. It is Therefore important to understand the structural performance 
during the service life. In this paper an experimental investigation under 
continuous loading simulating the life cycle behavior of reinforced concrete 
beams is presented. The life cycle consists of a degradation period by means of 
corrosion of the tensile steel reinforcement, followed by repair and 
strengthening procedures. The beams were monitored both during the 
degradation period and through failure tests at different stages of the life cycle. 
The results from the study indicate that it is possible to follow the deterioration 
process caused by corrosion of the tensile steel reinforcement by studying the 
change in bending stiffness. It is also concluded that there were explainable 
differences in between beams prepared in different stages of the life cycle in 
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terms of load displacement behavior and stiffness development during failure 
load testing.  

Keywords: Life cycle, corrosion, durability, stiffness, CFRP, rehabilitation, 
strengthening 

INTRODUCTION

Concrete is our most common building material and numerous concrete 
structures have been built around the world the last century. The majority of 
these, at least those built the last 20-30 years, fulfill the demands at present 
time, but several do not. Possible explanations for the lack of performance are 
bad workmanship, the design was done with wrong prerequisites or just poorly, 
degradation or raised demands for example increased loads. A failure of a 
bridge could, beside tremendous costs, imply injuries or even fatalities. A 
disruption in the traffic leads to time delays and often extra costs for both the 
society and the users. Effective remedies have to be called upon to prevent a 
bridge failure from occurring. It is however not cost effective to increase the 
performance of a particular bridge to an unnecessarily high level, nor to do 
these operations on every bridge. The key is to be able to find the bridges 
which have an insufficient performance and also to know how much it has to 
be retrofitted. If degradation is the cause, the degradation rate and long term 
performance must be monitored to determine the critical bridges and when the 
remedies are to be performed. Although several repair and strengthening 
systems have been proven to work, there is a need to make these systems 
generally accepted to a larger extent. One way to obtain this is to monitor the 
strengthening measure to prove its effect. Performance refers to several 
attributes of the structure and is divided into function, load carrying capacity, 
durability and aesthetics. A decreasing performance could therefore be a 
negative change of one or several of the above mentioned categories. For 
example, at least three of these attributes are probably affected by corrosion, 
one of the most common causes of degradation of concrete structures.

This paper presents a study where reinforced concrete (RC) beams endeavor a 
full life cycle including degradation, repair and strengthening under continuous 
loading. A suggestion to evaluate bending stiffness during the degradation 
phase and also for individual beams in different phases of the life cycle is given. 
The suggested stiffness approach has potential to determine long term 
degradation, and also to prove repair and strengthening effects. The present 
study also describes the life cycle performance in terms of load versus mid-
span deflection of the laboratory test specimens. The life cycle of RC beams 
where the degradation, repair and strengthening phases are performed one after 
the other has to the authors’ knowledge not been studied before. Soudki and 
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Sherwood (2000)1) presented a study where RC beams strengthened with CFRP 
laminates in the transverse direction during corrosion damage were analyzed. 
The study shows that the bending stiffness and failure load of the 
unstrengthened specimens were affected by corrosion of the tensile 
reinforcement. The specimens were however not monitored during the 
corrosion phase, nor were they subjected to any loading during this time. Salt 
was mixed into the concrete to depassivate the tensile bar. Studies on the 
behavior during degradation, repair and strengthening of RC columns have 
previously been performed, i.e. Lee et al.2). In this particular study the 
degradation phase was also separated from structural loading. In Sand’s study 
(2001)3), the residual strength of deteriorated and retrofitted concrete beams 
was predicted using FEA (Finite Element Analysis). This was the first study 
where the entire life cycle behavior is analyzed for RC beams in flexure. In 
2003, Anoop et al.4) presented a methodology for determining whether a RC 
flexural member has acceptable safety (collapse) and serviceability (cracking) 
with respect to chloride-induced corrosion. Empirical models for predicting 
time to corrosion initiation and rate of corrosion were used to predict the 
performance. No experimental study was conducted, although a case study was 
presented. Ballim and Reid5) launched in 2003 an experimental critique of 
current test methods. The authors highlighted the importance of simultaneous 
loading during the corrosion phase to capture the synergy effects. They chose 
to depassivate the reinforcement by accelerating the carbonization of the 
concrete to the level of the steel. This was done instead of mixing salt into the 
concrete to not affect the hydration characteristics of the cement phase during 
the important early stages of the hydration and because chlorides are excluded 
from concrete mixes in practice. Maaddawy and Soudki (2005)6) studied the 
feasibility and viability of using externally bonded FRP laminates to repair 
already corroded RC beams at various levels of corrosion damage. The area 
where the corrosion attack was desired was prepared by mixing 2.25% of Cl-

by weight of cement into the concrete to depassivate the steel bars. The test 
matrix involved fourteen beams with variation of exposure time to accelerated 
corrosion, loading condition during the corrosion phase, and repair scheme. 
The repair schemes consisted of two variants of both transversally and 
longitudinally bonded CFRP laminates. No removal of damaged concrete was 
reported. The steel mass loss in the maximum moment region reached between 
8.7% and 30.5% for the most severe corrosion damage. The sustained load was 
not applied on the beams during the strengthening procedure. A high 
correlation between damage and reduction in yield load was concluded.

Those previous tests have been considered to improve the presented test in this 
paper. Special attention has been given to how the chlorides were introduced to 
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the steel bars. Further, the loading system has been carefully designed to 
produce a realisic load situation for the tested beams. A complete presentation 
of the reported work is found in Bergström (2006)7).

RESEARCH SIGNIFICANCE

Crucial issues to optimize bridge management are to determine the current 
structural status, estimating the degradation rate and the time until a possible 
repair and/or strengthening procedure. It is important to perform controlled and 
realistic experimental tests of RC beams to be able to understand full scale 
structures. No study that the author´s are aware of is reported of where a 
realistic life cycle test of reinforced concrete beams damaged by corrosion and 
thereafter retrofitted. This study will hopefully improve the possibilities of 
making appropriate decisions in real bridge management cases.  

RESEARCH QUESTIONS

Repairing or upgrading an existing concrete structure is often considerably 
more difficult than building a new one. Important questions may be asked such 
as how existing loads during repair and strengthening are affecting the 
structure, and what measure would be appropriate to detect and monitor 
ongoing deterioration. Furthermore, geometries are more or less fixed and 
material are often in poor condition with fixed capacity for the existing 
structure. Missing or even wrong blue prints could also make repairing and 
upgrading difficult.

The first research question focuses on the effects of an existing strain field on 
the structure, caused primarily by the dead weight but also from other static 
and possible live loads. This is a relevant question since for concrete structures 
the deteriorated material is often removed and new, strain free, material is 
added to the structure during the repair procedure, at the same time as the rest 
of the structure is strained by the existing load. The bond between the concrete 
and the steel reinforcement is also completely removed in the repaired section. 
This research question was investigated by conducting an extensive test 
program, where concrete beams were put through a simulated life cycle 
procedure and monitored.  

The second research question deals with the hypothesis that bending stiffness is 
a suitable measure for determining the condition of a structure. The stiffness is 
a measure reversible proportional to the curvature and is likely to decrease if 
the structure is affected negatively, i.e. by degradation or an accident load. The 
stiffness could also be enhanced, i.e. by strengthening. This question was 
investigated by measuring curvature during the degradation period and also 
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during failure load tests of degraded, repaired and repaired/strengthened 
concrete beams.   

LIFE CYCLE OF REINFORCED CONCRETE BRIDGES

The structural life for a concrete structure located in an environment where 
corrosion is promoted by humidity or chlorides from sea or de-icing salt could 
in general be described in the following manner8). The structure is 
manufactured and is at that point considered to be intact and able to carry the 
desired loads with desired safety. Corrosion is assumed to attack the steel 
reinforcement and at a certain corrosion level the structure has to be repaired. 
There may be several mechanisms causing concrete degradation, i.e. alkali-
aggregate reactions, chemical resistance, freeze-thaw and reinforcement 
corrosion.  Steel corrosion in RC structures affects both the steel and the 
concrete. The strength of a corroding steel reinforcing bar is reduced because 
of a reduction in the cross-sectional area. Chloride induced corrosion produces 
generally pitting corrosion may also reduce the ductility by introducing notches 
on the surface that lead to a premature necking (Almusallam, 2001)9). This is 
difficult if not impossible to detect as this local damage will not reveal itself by 
increased displacements. While the steel reinforcing bars are corroding the 
concrete integrity is impaired because of cracking of the concrete cover caused 
by the expansion of the corrosion products. Finally, the composite action of the 
steel and concrete is diminished because of deterioration in the steel-to-
concrete interface caused by the lubricant effect of the corrosion products and 
by cracking of the concrete cover (Amleh and Ghosh, 2006)10).

A typical technique to repair corrosion damaged concrete, referred to as patch 
repair, involves the removal of the inferior concrete, for example chloride 
contaminated (or carbonated) concrete surrounding the reinforcing steel bar is 
now utilized. The damaged bars are hence cleaned from corrosion products and 
the cavity is refilled with new chloride-free, high pH concrete. The similarity 
between the properties of the existing concrete and the repair mortar is 
important. Such properties are modulus of elasticity, tensile strength, 
coefficient of thermal expansion, shrinkage and creep11). After the patch repair 
procedure the structure is considered repaired in the sense that the degradation 
rate is decreased and all signs of degradation are erased. The corrosion attack 
and repair procedure could however have affected the load carrying capacity of 
the repaired beam due to decreased steel cross section area and changed 
interface conditions between the steel and repair mortar. Strengthening can be 
applied to expunge a possible lack of load carrying capacity. This is a 
procedure which increases the service life time length or increases the 
permitted service and ultimate load on the structure. In the specific case a 
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CFRP laminate is bonded by an epoxy resin to serve as additional flexural 
reinforcement.  

The studied life cycle described above for a concrete element subjected to 
bending is defined by seven steps presented in figure 1. The figure also gives 
the beam denotations which were utilized during the experimental work. (A) In 
the initial stage. The un-damaged beam carries the service load (SL). It is 
desirable that the structure remains intact, although significant degradation 
initiates for many structures.  (B) Degradation affects the beam; in this case the 
tensile steel reinforcement is corroded, at the same time keeping the SL on the 
beam. The cross-sectional area of the attacked steel bars is reduced as well as 
the bond strength between the bars and surrounding concrete. The associated 
reduction in bending stiffness leads to increased deflections. (C) The structure 
is taken out of service. The magnitude of the applied force is reduced by the 
service load, leaving the permanent load acting on the beam. (D) Damaged 
concrete due to corrosion is removed and the tensile reinforcement is exposed 
over the entire deteriorated region of the beam. The concrete is removed 
slightly above the steel bar to clean it properly, which makes it possible for the 
bar to move some upwards when the beam is curved under loading. This new 
position of the bars will be fixed as the repair mortar is cast. Before the repair 
procedure, attacked bars are cleaned properly by sandblasting and will have a 
permanently reduced cross section. 

(E) The removed contaminated concrete is replaced by a repair mortar, which 
is strain-free at the permanent load, whereas the neighbouring concrete remains 
strained and cracked. 

(F) If required, additional reinforcement can be introduced. It is strengthened 
here with externally bonded CFRP (Carbon Fibre Reinforced Polymer) 
laminates. This procedure increases the stiffness and load carrying capacity of 
the beam specimen without adding any significant weight.  
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Fig. 1 – Seven defined stages in the life cycle including beam denotation to the 
right.

EXPERIMENTAL TEST

A large test series containing eight beams was executed to experimentally 
simulate the behaviour of RC beams enduring the simulated life cycle 
procedure explained in figure 1. The test program will simulate the life time of 
the beams from the original performance of an intact beam through degradation, 
repair and upgrading with epoxy bonded CFRP plates to its original 
performance. Several attributes makes this project special. Amongst these 
should accelerated corrosion and sustained loading during the entire life cycle 
in particular be emphasized. One very important issue when simulating the life 
cycle behaviour is to create a realistic load situation. Considering the real 
structure in terms of load situation reveals that two load levels are interesting 
during the service life, namely service and dead load. The service load is the 
sum of dead load and the variable load. The variable load can be different for 
different structures, but is represented foremost by traffic on a bridge structure. 
The service load is generally defined by a certain serviceability limit state 
demand, i.e. crack width. For this test the service load is defined as when the 
average crack width in the constant bending moment region of the reference 
beam is 0.2 mm [0.008 in.]. This occurred at 40 kN [9 kips]. The service load 
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was applied to the test beams throughout the degradation period. The load was 
reduced to the dead load, 20 kN [4.5 kips], before the repair and strengthening 
operations were performed. The dead load represents an overlaying bridge 
deck and was intentionally chosen to be significant in proportion to the service 
load. The significance of the dead load increases rapidly for large structures as 
a greater and greater amount of the load carrying capacity is needed to carry 
the structure itself.  

Test setup 
The test setup is different for part I and II in the test, i.e. different test rigs and 
also a slightly different monitoring setup. For example, additional strain gauges 
were attached on the steel reinforcement on the beams where the cover 
concrete was removed. Failure load tests are performed after stages A, B, D, E 
and F. Seven beams were prepared to different stages in the life cycle shown in 
the matrix in table 1. The denotation F states in which stage the respective 
beam was loaded up to failure. For example, beam specimen ‘rep’ undergoes 
stages A through E before it is loaded to failure. Drawings of the test rig and 
sensor arrangment during part I can be seen in figure 2. The rig is designed to 
load the beams in four point bending. The load is generated by a hydraulic jack 
placed 200 mm [8 in.] from the beam end. Two supports are placed each 500 
mm [20 in.]) from mid-span. Beneath these a beam is placed which can rotate 
to equal all reaction forces. The support to the left in the figure is placed at 200 
mm [8 in.] from the beam end, preventing the beam end from deflecting 
upwards. The beam is supported without restraint, which in practice means that 
the bending moment is zero at the end supports. In addition, the one-meter 
section in between the mid-span supports gives a constant bending moment 
without any influence of shear forces. The benefits of placing the tensile 
flexural reinforcement facing upwards during repair and strengthening 
operations influenced the design of the test rig. A pair of strain sensors at B and 
C was used to find the local beam curvature. The LVDT (Linear Variable 
Differential Transducer) at location D measured the up-lift in mid-span in 
relation to a steel L-profile which was bolted to the centre of each support. This 
setup was used to measure global curvature in the region where the bending 
moment is constant. A load cell was mounted at location E to monitor the force. 
The beam end displacement was measured by an LVDT at location F.  
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Table 1 – Test matrix.  
Beam  

Stage

Ref Corr1 Corr2 Rem Rep Strd1 Strd2 

 a F* **

 b  F F

 c    

 d    F 

 e     F 

 f      F F 

* Failure load test. ** Beam continues to next phase in the life cycle.  

A Fixed support 
B Strain gauge 
C Strain gauge 
D LVDT, 5 mm 
E Load cell, 100 kN capacity 
F LVDT, 100 mm 

Fig. 2 –. Sensor arrangement during part I. 

When the long term preparation stage (part I) was finished the beams were 
lifted to another test setup for failure test. An illustration of the setup and 
sensor arrangement during part II is seen in figure 3. LVDTs measured support 
settlements above each support. Global and local curvature was measured in 
the same fashion as during part I. Mid-span deflection was measured using a 
100 mm [4 in.] LVDT and the force was monitored by a load cell where the 
hydraulic cylinder applied the load at location H. The most significant 
differences between the setup used during part I and part II are the highly 
accurate displacement controlled hydraulic cylinder providing the load and also 
the fact that the beams are turned upside-down compared to during part I.
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G LVDT, 5 mm K Strain gauge
H Load cell, 100 kN capacity L LVDT, 100 mm
I LVDT, 5 mm M LVDT, 5 mm 
J Strain gauge   

Fig. 3 –. Sensor arrangement during part II. 

Material properties 
The material properties presented in table 2 for steel reinforcement and FRP 
materials were investigated through a straight pull test.

All beams were cast of concrete from the same batch. Repair mortar properties 
are the same for all repaired beam. The properties of the repair mortar are very 
similar to the concrete with an average compressive strength of 65 MPa [9.4 
ksi] and an average tensile strength of 3.9 MPa [0.6 ksi]. Material properties 
for concrete and repair mortar are presented in table 3.  

Table 2 – Steel reinforcement and FRP material properties. 
 Steel Ks500 

( 16 mm) 
5 specimens 

Corroded
steel Ks500 
( 15,1 mm) 

3 sp. 

Glass fiber 

( 10 mm) 

StoFRP Plate 
E50C

(50 1,4 mm) 
20 sp. 

Ultimate 
strength, kN 
(kips)

122.1 (27.4) 115.5 (13.0) 79 (17.8) - 

Yield stress, 
MPa (ksi) 

514 (74.6) 588 (75.9)* 1007 
(146.1)*

1860
(269.9)**

Yield
strain, % 

0.39 0.43 - - 

Ultimate 
strain, % 

22.5 9.3 1.9 1.20 

Modulus of 
elasticity, 
GPa (ksi) 

186.7
(27,091.1)

138.9
(20,155.1)

55.70
(8,082.4)

150
(21,765.8)

* Calculated for average corroded bar with 15.1 mm diameter. ** Stress at 
failure.  
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Table 3 – Concrete and repair mortar properties. 
Material
Parameter 

Concrete, C28/32 
(6 split+6 comp.) 

Rep. mortar, StoCrete 
GM1

(3 split+3compress) 
Compressive strength, 
MPa (ksi) 

64.9 (9.4) 65.0 (9.4) 

Tensile strength, MPa 
(ksi)

4.3 (0.6) 3.9 (0.6) 

Density, g/cm3 (lb/in3) 2370 (0.088) 2227 (0.083) 

Maximum aggregate 
size, mm (in.) 

16 (0.62) 2 (0.08) 

Date at casting 2005-10-31 2006-03-30 
Date at cube test 
(during failure test of 
beam specimens) 

2006-06-14 2006-06-14 

Specimens
The design of the 4000 mm [13 ft.] long and 300 mm [1 ft.] by 200 mm [0.65 
ft] cross section concrete beam specimen is shown in figure 4. The longitudinal 
tensile reinforcement was designed with a bend in each end to prohibit 
anchorage problems outside of the corroded region. The corroded region is two 
meters in length located in the mid span of the beam. The section with the 
constant bending moment has few stirrups to make the removal of the damaged 
concrete as easy as possible. However, outside this zone a considerable amount 
of stirrups were used. The shear resistance of the cross section is high enough 
to avoid shear failure even during the time when concrete is removed. The 
concrete cover for the tensile steel reinforcement is 30 mm [1.2 in.]. Two glass 
fiber rods, 10 mm in diameter, respectively located in the tensile and 
compressive part of the cross section provided the mounting space for strain 
gauges. It was not possible to attach strain gauges on the steel bars due to 
corrosion.
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Fig. 4 – Beam specimen. 

Corrosion procedure 
The first stage of the corrosion process, where chlorides travel through the 
cover concrete to reach bar level, is called the initiation period. This could take 
several decades to occur for a concrete structure. It is however possible to force 
chlorides to reach steel bar level using an accelerated corrosion setup. Concrete 
which has obtained full strength gives considerable corrosion resistance and it 
could take a relatively long time to achieve corrosion. Due to this the initiation 
process was commenced one day after casting, while the beams were still in the 
moulds. The length of the ponds was determined by reducing the area which 
was intended to be corroded by 200 mm (100 mm in each end). This was done 
due to that the chlorides were assumed to spread along the reinforcement bars. 
The ponding bath length was 1800 in mm this case. Ordinary longitudinal steel 
reinforcement was used. The stirrups were protected from corrosion by 
isolating the electrical current from the longitudinal reinforcement by dipping 
the stirrups in epoxy. For this purpose StoBPE Lim 417 (A+B), a low viscosity 
epoxy adhesive, was used. The adhesive was left to harden for five days at an 
average temperature 18 C of [68 F] and a relative humidity of around 70 %. 
The current going through the steel reinforcement and the cathode was 
measured by inserting a resistance between anode and cathode, and was 
calculated by using Ohm’s law. The voltage was held at a constant level of 4.0 
V until a current increase was noticed. At this stage, after 9 days, the current 
was turned off and it was concluded that the chloride concentration was high 
enough to have depassivated the steel surface. After that the beams were left to 
harden for another 19 days (28 days in total).

After the 9 day long initiation period and the concrete hardening phase

the actual corrosion process was commenced during when the beams were 
subjected to sustained loading. This was done by removing the beams from the 
mould to a test rig where the beams were placed up-side-down. The same setup 
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as during the initiation period was used, although the voltage was now lowered 
to 0.2 V (0.10 mA/cm2). The accelerated corrosion current was selected as low 
as possible because it creates corrosion products which are most realistic. A 
diameter reduction of 4% was chosen to be a relevant corrosion level, 
corresponding to an 8% area reduction. The diameter reduction was measured 
by weighing pieces of corroded steel bars after the test was finished.  

Repair and upgrading 
The repair and upgrading procedure was implemented after the corrosion phase 
and resulted in three beam types given in figure 5. The presented beams are the 
beam where cover concrete was removed (rem), repaired beam (rep) and the 
repaired/strengthened (strd) beam. The cover concrete was removed to a depth 
of 70 mm [2.7 in.] along the attacked section to uncover the steel reinforcement 
after 75 days of accelerated corrosion. This was carried out with the use of jack 
hammers. Corroded steel reinforcement was brushed clean using a steel brush 
before the concrete surface was prepared by cleaning with pressurised air and 
priming using primer StoCrete TH. This was followed by casting of repair 
mortar StoCrete GM1 in the cavity. The repair mortar was left to harden for 28 
days.

Fig. 5 – Beam where cover concrete is removed (top), repaired beam (middle) 
and repaired/strengthened beam (bottom). 

The strengthening procedure included the following steps; removal of weak 
concrete layers by brushing using steel brush, cleaning by means of pressurised 
air, application of a primer (StoBPE 50 Super (A+B)) and finally bonding 
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CFRP plates to the concrete surface. The plates used were StoFRP Plate E50C, 
with a cross section area of 50 times 1.4 millimeters, and the adhesive StoBPE 
Lim 465 (A+B). The peel-ply on the CFRP plates was first removed and then 
the adhesive was applied using prescribed tool to apply an average adhesive 
thickness of 2 mm [0.08 in.]. The temperature during the strengthening work 
was 21 C [70 F] and the relative humidity approximately 45 %.  

EXPERIMENTAL RESULTS

The presented results consist of load displacement relations and stiffness. The 
load displacement results were captured during failure load tests of the beam 
specimens. The results from the individual beams were then joined together to 
form a full view perspective of what the load displacement relation would look 
like for a beam undergoing an entire life cycle. Stiffness was evaluated in time 
during the corrosion phase and also during the failure load test.  

Corroded sections of the bar were removed after finished test to be tested and 
weighted. The results from testing revealed a 55% loss of strain at failure. 
Pitting corrosion is the explanation for this reduction. The weight loss was 
found to be 8 %, which gives an average diameter of 15.1 mm. Using this 
diameter to calculate yield stress and modulus of elasticity gave diverging 
results for intact and corroded bars. The yield stress of the corroded bar was in 
average about 14 % higher and the modulus of elasticity around 25 % less 
compared to an intact bar. A varying cross section due to corrosion, and also 
that the corroded bars had been undergoing the simulated life cycle and failure 
load test are uncertainties regarding the results from the corroded bars.

Load displacement curves for all beams are presented in figure 6. The glass 
fibre rods inserted into the beams contribute to an additional load carrying 
capacity after the yield point. An initial deflection was recorded for all of the 
beams which had participated in part I due to the load term loading and the 
inability of recovering all inelastic strains (Branson, 1977)12). This affects also 
the bending stiffness up to the level of the sustained load. This effect is most 
obvious for the corroded, repaired and repaired/strengthened specimens. This 
affected the stiffness of the specimens to the extent that these specimens appear 
stiffer than the reference beam up to 40 kN [9 kips]. The failure is defined as 
yielding of the tensile steel reinforcement for all un-strengthened specimens. 
The failure load, FU,ref, for beam (ref) was 80 kN [18 kips]. For beam (corr) the 
failure load, FU,corr , was recorded to 70 kN [15.7 kips]. Beam (rem) was the 
weakest beam in the test series with a failure load, FU,rem, at 63 kN [14.1 kips]. 
The explanation for this is that the steel reinforcement moved towards the 
centre of gravity as the surrounding concrete was removed during loading. The 
capacity of beam (rep) was slightly higher as the repair mortar held the steel in 
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place and added tension stiffening to the bar. Beam (strd) reached the same 
load carrying capacity as the intact beam in spite of the steel loss and the 
effects of the repair procedure.

0 20 40 60
Mid-span deflection (mm)

0

20

40

60

80

100

Lo
ad

 (k
N

)

Ref
Corr
Rem
Rep
Strd

0

5

10

15

20

25

Lo
ad

 (k
ip

s)

0 0.5 1 1.5 2 2.5
Mid-span deflection (in)

Fig. 6 –. Load displacement relations. 

The life cycle behaviour in terms of load displacement is created by using the 
failure load test results presented above. Beam (ref) beam curve is plotted up to 
the service load giving the behaviour of the undamaged structure. The 
reduction in stiffness caused by corrosion leads to an increased deflection at the 
same load. This deflection is determined by plotting the curve for beam (corr) 
up to the service load. The load reduction from service load down to dead load 
follows the curve for beam (corr). The deflection is increased even more at 
dead load when the cover concrete is removed. This increase is determined by 
plotting the curve for the beam where the cover concrete is removed. From this 
point in the diagram the final stages could be plotted. If the structure is not 
strengthened it follows the curve for beam (rep). If the structure instead is 
strengthened, the behaviour follows the curve for beam (strd). The full view of 
the life cycle is illustrated by the bold line in figure 7. This clearly shows that 
the capacity of the concrete beam is affected by the history during the life cycle.  
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The governing differential equation for determining the bending stiffness, EI,
at small deflections of elastic beams is  

M MEI
v

 (1) 

M is the acting bending moment; v is the deflection and  is the curvature of 
the beam element. The local curvature, L, is calculated by assuming that plain 
cross sections remain plain, and thereby calculating the slope of the strain 
distribution curve as 

c t
L D

 (2) 

Where c is the strain obtained from the strain sensor attached in the 
compressed part of the cross section, and t from the tensile part. D is the 
distance between the two sensors. The equation for curvature radius, R, is 
derived using the well known Pythagoras’ theorem on a triangle with side 

lengths; R- ,
2
L , and R.  is measured by LVDT known as D in part I and I in 

part II shown in figure 2 and figure 3 respectively. By inversing this equation 
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the curvature is expressed. The global curvature, G, is calculated by the 
equation

2
2

1 2

4

G LR
 (3) 

R is the curvature radius,  is the measured up-lift in between the two points 
where the load is applied, and L is the distance in between these two points.

Global and local stiffness are presented during the corrosion phase in figure 8. 
The stiffness decreased 15% from 2980 kNm2 [7.21 106 ft.2-lbf] to 2530 kNm2

[6.12 106 ft.2-lbf]. A confirmation of the loss in stiffness due to loss of 
reinforcing steel is done by calculating the moment of inertia for the corroded 
and the intact beam. This calculation shows that the stiffness should decrease 
by 9 % for the particular steel mass loss. The difference between the calculated 
and the measured result is explained by creep movement. The result indicates 
that there is a strong relation between the deterioration process and the change 
in stiffness, indicating that this is a method to measure the status of the 
structure.

Stiffness during the failure test is presented in figure 9. The reference beam 
(ref) is pre-cracked before the failure test as it has been exposed to the defined 
service load during part I. This produces a stiffness which is relatively constant 
until yielding of the tensile steel reinforcement. The slight stiffness increase 
might be results from the long-term loading, but it is not confirmed from this 
study. At this point the stiffness decreases further. The beam (corr) shows a 
surprisingly high stiffness up to about 50 kN, although it is pre-cracked and 
damaged by corrosion. The same initially high stiffness is also seen in the load 
displacement graph (figure 6). The authors believe that this fictitious stiffness 
increase is created by the load history from part I in combination with the 
corrosion process. The thesis is that the corrosion products produce a pressure 
around the steel bars, which decreases the slip between the concrete and steel, 
and consequently gives an appearance of a stiff behaviour. No study has 
however been found to support this theory, but any other explanation is not 
given.
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Fig. 8 –. Stiffness development during corrosion. 
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Fig. 9 –. Stiffness development during uploading. 

The stiffness of the beam (rem) appears almost constant until yielding occurs at 
63 kN [14.1 kips]. The repair mortar of the repaired beam (rep) is un-cracked 
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up to 30 kN [6.7 kips], resulting in a high stiffness up to that load. As cracking 
of the mortar take place the stiffness drops rapidly and follows hereon the 
stiffness development of beam (rem). Except for beam (ref) the stiffness 
decreases continuously during the failure test, even after the cracking load. It is 
assumed that the bond strength in close proximity to an existing crack is 
degraded as the load increases, leading to larger bond slip and consequently to 
larger deformations and a decreased bending stiffness. Further, it is seen for all 
beams that the bending stiffness drops further as yielding of the tensile 
reinforcement occurrs. The initial stiffness of beam (strd) is very high in 
comparison to the other beams. This is explained by the formation of new 
cracks as a result of the strengthening.  

The same bending stiffness is recorded between beam (corr) and (strd) in the 
50 to 70 kN range. This is explained by that the loss of internal lever arm for 
the strengthened beam is counteracted by the strengthening in terms of stiffness. 
The stiffness increase is theoretically around 10%, which is in the same region 
as for the loss of internal lever arm in this case.  

Generally, above 50 kN [12.5 kips] it is seen that the beam stiffness is in 
descending order according to; reference (ref), strengthened (strd), corroded 
(corr), repaired (rep) and finally the beam where the cover concrete was 
removed (rem). This is in agreement with what is expected if performing an 
analytical calculation, and also by studying the load displacement graph (figure 
6).

DISCUSSION

A decreasing performance could by definition be a negative change of one or 
several of the above mentioned categories. One difficulty is that these attributes 
are not measured in the same unit. Load carrying capacity could for example be 
measured in Nm (ft-lbf) whilst the aesthetics is judged more or less by heart. 
This could lead to the conclusion that a structure does not suffer from any 
damage because the visual inspection does not show any signs of an internal 
problem. Combining monitoring to the traditional refined calculations and 
visual inspections increase the possibility of detecting changes over time, and 
consequently also deterioration problems.  

The bending stiffness is determined by utilizing linear elastic theory and will 
consequently result in an in-built error as the nature of concrete is non-linear. 
At serviceability limit state (SLS) loads, which the structure is normally 
exposed to, the non-linearity is however limited. The stiffness approach has 
been shown to give reasonable results in explaining whether the capacity in 
flexure is changed. The bending mode is designed to be critical in most of our 
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bridges due to the favourable ductility. The ductility makes it also possible to 
monitor the behaviour in bending in a practical manner, and the results could 
be used to determine changes in the structure. The stiffness is connected to 
geometry (steel content, dimensions etc.) and also material properties (concrete 
softening, bond between materials etc.), and by combining the results from 
visual inspection with monitoring the current safety of the structure could be 
determined.  

CONCLUSIONS

The load carrying capacity decreases by corrosion of the tensile longitudinal 
reinforcement. An increased corrosion level would affect the ultimate load; 
especially as pitting corrosion would likely make a certain cross section 
especially weak. The bending stiffness would also be affected negatively, but 
here it does matter if pitting or evenly distributed corrosion is governing. The 
global bending stiffness is affected mainly by evenly distributed corrosion, 
whilst the local bending stiffness could be affected by pitting corrosion.

The repair procedure affects the capacity negatively as the bond strength 
between the steel and the concrete is eliminated. The geometry is also changed 
as the reinforcement moves towards the centre of gravity when the beam is 
bent due to the dead load during when the surrounding concrete is removed. 
The strengthening operation increased the load carrying capacity back to the 
original level. It is shown that the bending stiffness of reinforced concrete 
beams decreases due to corrosion when performing long term monitoring. The 
recorded reduction in stiffness during the long term monitoring at service load 
was 15 %, which in comparison to the analytical reduction of 9 % caused by 
the 8 % steel mass loss, is quite high. The conclusion is that the curvature is 
increased due to creep during the long-term load resulting in a higher stiffness 
loss than what the corrosion process generates. Load testing was proven to give 
contradictory results, as the corroded beam reveals a high stiffness above the 
reference beam up to the load level of the long term load. A possible 
explanation is that the corrosion products decrease the bond slip to a certain 
extent, and that this gives the appearance of a raised bending stiffness. Above 
the level of the long term load the bending stiffness of the beams are 
explainable from an analytical perspective.  

It is further noticed that bending stiffness decreases with increased loading as 
cracking progresses. It is possible to detect the cracking load as well as the load 
at which yielding of the tensile steel is reached.
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FURTHER RESEARCH

The concept of evaluating bending stiffness during degradation and uploading 
could become a tool to assess the current status of existing concrete structures. 
This technique could in combination with long term monitoring, material 
testing, probabilistic evaluation, visual inspection and FEA (Finite Element 
Analysis) serve as a toolbox to estimate the structural performance. This has to 
be studied further, and interesting questions which could be answered through 
the toolbox are; what is the current status of the structure, how fast does the 
performance decrease, which are the driving mechanisms of performance loss 
and how could they be reduced, and finally, how much time remains until 
repair and/or strengthening has to be performed.  
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Abstract

The structural life for a Reinforced Concrete (RC) structure is in this paper defined by 
seven stages. These are intact structure, corrosion, reduced loading, removal of 
damaged concrete with cleaning of steel, patch repair, and finally strengthening. An 
experimental and a FE simulation of the life cycle of seven RC beams are presented. 
The results of the phased FE simulation showed that the failure load of the repaired 
beam was 13.6 % larger than the experimental and estimated probabilistic values. The 
central deflection of the concrete beam from FE analysis was significantly lower than 
in the experimental study at the corrosion and repair stages. This difference is 
probably caused by the absence of time dependent effects in the FE-analysis, and is 
hence an important matter when assessing RC structures in time.  

Keywords: concrete; corrosion; repair; strengthening; FE-modeling; service life.  

1. Introduction 

Reinforced concrete (RC) is today the most used material for civil engineering 
structures. However, change in environment and aggressive service conditions may 
lead to deterioration of concrete structures. The mechanisms causing deterioration in 
concrete structures are numerous. The two most common causes of deterioration are 
due to chloride penetration and carbonation of concrete leading to pitting corrosion 
and general corrosion of steel, respectively. The corrosion process is commenced by 
an initiation period after which the surface of the steel reinforcement is becoming 
susceptible to rust formation in the propagation period. Chloride penetration and 
carbonisation could be the main source of depassivation of steel in concrete [1].  
Corrosion of steel may results in cracking and spalling of the concrete and leads to a 
several structural consequences which may reduce the performance of the structure 
[3]. If corrosion of the reinforcement is allowed to continue after the initiation period, 
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propagation of corrosion will eventually require repair due to cracking and spalling of 
the concrete. Repair measures are normally complicated and quite expensive. The high 
costs of repair often cause delays or insufficient actions and thus permitting the 
deterioration process to continue. Removal of deteriorated concrete and the associated 
debonding of steel reinforcement may significantly reduce the load carrying capacity 
of the structure, which should be taken into account when selecting the sequence and 
amount of patch repairs.  
Renewal of civil engineering infrastructure is not only concerned with deterioration; 
increased design loads, new requirements, code revisions, etc. may render a structure 
insufficient with regard to serviceability or load-carrying capacity. It seems natural to 
assume that in the future, repair and strengthening of reinforced concrete structures are 
more likely to be combined and carried out in one operation. The objectives of the 
combined repair and strengthening operations will be to provide increased stiffness 
and load-carrying capacity and, simultaneously, improve durability and extend service 
life, thereby further increasing the demands on concrete repair technology. Thus, there 
is a need for significant improvements and innovations of repair techniques to meet 
future requirements regarding performance and costs. The introduction of fibre 
reinforced polymer composites as a means of retrofitting concrete structures [4] is an 
example of innovative developments that may enable the concrete industry to meet 
some of the challenges of the 21th century with respect to maintenance and renewal of 
reinforced concrete infrastructure.  
A great number of research projects [3,5,6] have been devoted to understand the 
causes and mechanisms of reinforcement corrosion in concrete, repair strategy and 
materials. During last years a number of the experimental and numerical studies have 
investigated effects of reinforcement corrosion on the structural response of small 
beams, slabs and columns [7] and some guidelines [3,6,8] were presented, but 
intensified research is needed in order to develop methodology and codes for practical 
use. Effects of cross section reduction of reinforcement, cracking and reduction of 
cross section on the performance of concrete structures and changes in bond – slip 
behaviour due to corrosion were investigated and presented in the literature [3,9,10].  
Nonlinear finite element analysis is proved to be a good tool in solving of problems 
related to the assessment of deteriorated and retrofitted structures.
Repair is defined as the intention is to bring back the structure or the structural 
component to its original performance level. Upgrading is to increase the performance 
above the original one. Performance is in this context referred to one or several of the 
following; load carrying capacity, durability, aesthetics and/or function. If the 
probability of exceeding the demands is increased, either due to a decreased 
performance of raised demands, repair or even upgrading might be required. In recent 
years strengthening with polymer composite materials has gained an increasing 
interest and continues to grow because of the ease of installation, low cost and high 
strength-to-weight ratio of the FRP materials. Further, the method is ideal as it does 
not increase the structural member’s thickness or add any weight to the structure. 
Strengthening with FRP materials involves for example external bonding of fibre 
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reinforced polymer (FRP) in the shape of plates, to slabs and beams, or the wrapping 
of RC columns etc.
The mechanical response of corroding concrete structures is characterized by complex 
spatial distributions of strains and stresses together with strongly nonlinear behaviour. 
Since reinforcement corrosion affects serviceability as well as ultimate capacity, both 
the serviceability limit state (SLS) and the ultimate limit state (ULS) should be taken 
into account. Repair and strengthening of deteriorated concrete structures generally 
require that damaged materials are removed and replaced by new, strain-free materials 
that are bonded to the existing, strained and partially loaded structure. Thus, it may be 
necessary to consider the entire history of loading, deterioration, repair options and 
time depended material parameters in order to assess the integrity of the deteriorated 
structure and provide documentation that the retrofitted structure meets the appropriate 
safety requirements. Analytical procedures can only provide relatively crude 
approximations to this type of problems. Computerized discretization procedures such 
as the finite element method are on the other hand well suited to give differentiated 
and detailed results [8,10] .Challenges with this are for RC structures to find i.e. the 
true bond stress-slip relations between steel reinforcement and concrete and time 
dependent effects. To deal with deviations in geometric and material properties of the 
structure it is possible to incorporate these variations in the FE-analysis [11]. This FE-
study is performed deterministically but the experimental results are considering the 
distributions on material and geometries.  
Figure 1 presents a suggested service life cycle for concrete structures deteriorated, 
retrofitted and strengthened in bending [12]. Beam denotation in the following is 
presented to the right of respectively beam in Figure 1.  

Figure 1. Seven defined stages in the entire process. 
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a. Undamaged beam 
In the initial stage, the beam is subjected to the full service load (SLS), during which 
cracking occurs. The deflection increases as the serviceability load is gradually 
obtained, coming to a halt at a certain level. The load-displacement-curve is not linear, 
as cracking occurs along the way and changes the beam specimen stiffness. Although, 
the beam is considered linear elastic as yielding in tensile steel reinforcement or 
crushing of concrete does not occur.  

b. Corrosion of flexural tensile reinforcement 
Simultaneously as the serviceability load acts on the beam specimens, an accelerated 
corrosion setup corrodes the tensile steel reinforcement. The cross-sectional area of 
the attacked bars is reduced as well as the bond strength between the bars and 
surrounding concrete. The associated reduction in bending stiffness leads to increased 
displacements at the same load.  

c. Reduced load during repair and strengthening operations  
The structure is taken out of service and the variable component of the loading is 
reduced to the dead load only. Both load and displacement decrease. The beam should 
at this point be weakened due to the reduced steel area and bond between steel and 
concrete.

d. Removal of damaged concrete and repair of reinforcement  
Contaminated concrete is removed and the tensile reinforcement is exposed over the 
entire deteriorated region of the beam. The associated loss of composite action causes 
additional deflections. Another effect of removing the concrete surrounding the steel 
reinforcement under load, when the beam is bent, is that the reinforcement will take 
the shortest way and move towards the centre of the beam. This new position of the 
bars will be fixed as the repair mortar is casted. Before the repair procedure, attacked 
bars are cleaned by sandblasting and will have a permanently reduced cross section. 

e. Refilling with repair mortar 
The removed contaminated concrete is replaced by a repair mortar, which is strain-
free at the serviceability load, whereas the neighboring concrete remains strained and 
cracked.

f. Strengthening by CFRP plate bonding 
If required, additional reinforcement can be introduced. After repairing the beam, it is 
strengthened with CFRP (Carbon Fibre Reinforced Polymer) plates. This procedure 
increases the stiffness of the beam specimen without adding any significant weight.  

g. Loading until failure 
Finally, the beam is gradually loaded until failure occurs. It is possible that the failure 
load of this beam is higher than the reference beam. The reason for this is that it is 
strengthened and therefore given greater possibilities to carry the load. 
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To illustrate the application of the suggested service life cycle for concrete structures 
(without strengthening), a simply supported full scale beam with a free span of 8.0 m 
have been  chosen by Sand [13] for numerical simulations using the commercial 
program ANSYS. The FE simulations of deteriorated and repaired beams with tensile 
reinforcement attacked by uniform and pitting corrosion and with spliced 
reinforcement attacked by only uniform corrosion were carried out and presented in 
the research rapport [13]. In addition, the exposed length of the tensile reinforcement 
was varied as well as the degree of corrosion attack. The results of numerical 
simulations showed that nonlinear finite element analysis can be effectively utilized to 
obtain realistic predictions of failure loads of repaired reinforced concrete beams. 
Unfortunately, the results of the numerical simulations have not been compared with 
any experimental tests.  
The current work represents the laboratory investigation where all stages in the 
deterioration, retrofitting and strengthening processes have been performed one after 
the other representing true service life behaviour of reinforced concrete structures. As 
the extension of the laboratory investigations, the deterioration and retrofitting (repair) 
processes of reinforced concrete beams were simulated using the commercial finite 
element program DIANA [14].  The strengthening of the deteriorated beam is not 
included in the current numerical simulations.  

2. Experimental study

The experimental study carried out at Luleå University of Technology, division of 
Structural Engineering, investigates the behaviour of RC beams while undergoing the 
service life cycle described in Figure 1. A more detailed description of the test is 
found in [15,16]. The extensive test is summarized in this paper to give a fair view of 
the numerical simulation’s practical counterpart. The full perspective of the life cycle 
is of interest, but also the performance of individual beams in different stages of the 
life cycle. To be able to follow the life cycle of a RC beam a test series of seven beams 
were designed, representing different phases in the life cycle, see Table 1. Note that 
only two beams were guided through the entire life cycle while two beams were only 
corroded, one was corroded and introduced to the repair procedure in terms of removal 
of damaged concrete, one beam completely repaired, and one repaired and 
strengthened. After preparation to intended stage a failure load test was performed for 
each beam. The preparation of beams is in the following referred to as part I, and the 
failure load test part II. The deterioration, retrofitting and strengthening processes are 
hence involved in part I of the test. One test rig was used in part I and another in part 
II.
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Table 1. Test matrix.

Beam  
Stage

Beam 
A

Beam 
B1

Beam 
B2

Beam 
D

Beam 
E

Beam  
F1

Beam  
F2

 a F 
 b F F
 c    
 d    F
 e     F
 f      F F

2.1. Geometry 

The design of the four meters long and 300 mm by 200 mm cross section concrete 
beam specimen is shown in Figure 2. The longitudinal tensile reinforcement was 
designed with a bend in each end to prohibit anchorage problems outside of the 
corroded region. The corroded region is two meters in length located in the mid span 
of the beam. The section with the constant bending moment has few stirrups to make 
the removal of the damaged concrete in a later stage as easy as possible. However, 
outside this zone a considerable amount of stirrups were used. The shear resistance of 
the cross section is high enough to avoid shear failure even during the time when 
concrete is removed. The concrete cover for the tensile steel reinforcement is 30 mm. 
Two glass fiber rods, 10 mm in diameter, respectively located in the tensile and 
compressive part of the cross section provided the mounting base for strain gauges 
along the beams. It was not possible to attach strain gauges on the steel bars due to 
corrosion.
At a 5 % diameter reduction of the tensile steel reinforcement the corrosion phase was 
aborted as the beams were considered to be sufficiently damaged.  

Figure 2. Beam specimen dimensions. 
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The repair and upgrading procedure was now implemented and resulted in three beam 
types given in Figure 3. The beams showed are the beam where cover concrete was 
removed (D), repaired beam (E) and the repaired/strengthened (F) beam.  

Figure 3. Beam specimens undergoing retrofitting and strengthening. 

2.2. Materials 

The undamaged flexural steel exhibited a yield stress of 514 MPa and a modulus of 
elasticity, Es, of 187 GPa. The calculation is based on the nominal bar diameter of 16 
mm. The yield stress of the corroded steel bars was calculated using the average 
reduced cross sectional area of 15.1 mm. This approach seems to increase the yield 
stress and is explained by that a portion of the steel mass loss is caused by pitting 
corrosion. The corroded bars showed a 60 % reduction of ultimate strain compared to 
undamaged steel bars, which is an effect of the pitting corrosion, from 22.5 to 9.3 %.  
The 10 millimeter in diameter glass fiber rods ruptured at 1007 MPa (coefficient of 
variance, COV, 0.16) and the modulus of elasticity, EGFRP, was recorded to 56 GPa 
(COV 0.02). The 1.4 times 50 millimeter CFRP plates used for strengthening ruptured 
at 1860 MPa (COV 0.07) and the modulus of elasticity, ECFRP was recorded to 150 
GPa (COV 0.02). These parameters were determined by uniaxial pull-tests on 5 steel 
reinforcing bars, 5 glass fiber bars, and 20 CFRP plates. The adhesive thickness was 2 
millimeters. The flexural strength of the adhesive is 42.1 MPa, flexural modulus of 
elasticity 4.4 GPa, shear strength 87.1 MPa, pot life 58 minutes, modulus of elasticity 
7.5 GPa, glass transition temperature 47 C, and coefficient of thermal expansion 
53.8 10-6 m/mK provided by the manufacturer.  
The concrete compressive and tensile strength were 64.9 MPa (COV 0.03) and 4.3 
MPa (COV 0.07) respectively. Six compressive and six tensile tests were performed. 
The compressive and tensile strength of the repair mortar was recorded to 65 MPa 
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(COV 0.03) and 3.9 MPa (COV 0.02) respectively. All tests were performed on 150 
mm cubes. The age on the day of testing was 7.5 months for concrete and 2.5 months 
for repair mortar. Material properties were determined the same day as failure load 
tests were performed, thereof the differing ages.  

2.3. Test setup 

Priorities regarding the design of the test rig used in part I are easy access to the 
bottom (tensile) side of the beams, and possibility of long-term (sustained) loading 
during all preparation works. Desired benefits were fulfilled by the design of the test 
rig used in part II in terms of collection of accurate loads, strains and displacements 
during failure tests. This was fulfilled by top-of-the-line displacement controlled 
actuators as well as stiff supports and a precise setup of the tested beams.  
The measurement equipment used consisted of load cells, manufactured by Instron, 
LVDTs and traditional electric strain gauges. The design of the test rigs as well as 
location of gauges is presented in the schematics of Figure 4 and Figure 5. All failure 
tests were performed deformation controlled with a phase of 0.02 millimeters per 
second.

Figure 4. Test rig used during part I of the test. 

Figure 5. Test rig used during part II. 
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2.4. Deterioration process 

The deterioration process in the experimental test was divided into an initiation and a 
propagation period in analogy to what is expected in the real case scenario. The 
initiation period, where chlorides travel through the cover concrete to reach bar level 
by diffusion could take several decades for a real concrete structure. This depends 
mainly on the surrounding environment, concrete quality, and cover concrete 
thickness. In a case with poor quality concrete and an aggressive environment the 
initiation period is very short in comparison with the case where high quality concrete 
structure is located in a less strenuous place. After the initiation period the actual 
degradation effects are starting to show in the propagation period. Both the initiation 
and propagation period was in the tests accelerated. The accelerating corrosion process 
chosen is called ponding from the pond placed onto the beam holding a chloride and 
water mixture. With the chosen method it is relatively easy to direct the corrosion 
attack to a particular area of the beam. For hardened concrete the chosen concrete 
cover and concrete quality give considerable corrosion resistance and it could take a 
relatively long time to achieve corrosion. Therefore, in the tests, the chlorides were 
driven to bar level when the concrete was in the fresh stage, just one day after casting, 
when the resistance against chloride intrusion was comparably low. A control that 
insures that chlorides have reached the steel bars is that the electrical current increases.  
Another indication is to switch off the applied current and see whether the potential 
difference between steel and the surface of the concrete beam becomes negative.   
Ordinary longitudinal steel reinforcement was used. There was no electrical 
connection between transverse and longitudinal reinforcement because the stirrups 
were painted with epoxy. For this purpose a standard two-component low viscosity 
epoxy adhesive was used. The adhesive was left to harden for five days at an average 
temperature of 16 C and a relative humidity of around 70 %.  
A diameter reduction of 5 % of the steel reinforcement was chosen to be a relevant 
corrosion level in this study, corresponding to approximately a 10.3 % weight loss. 
The accelerated corrosion current was selected as low as possible to 0.10 mA/cm2. The 
reason was that corrosion created by a low current for a longer time is more realistic 
than corrosion which is created fast with a high current.  

2.5. Repair 

After 75 days of accelerated corrosion, the cover concrete was removed to a depth of 
approximately 50 mm along the attacked section to uncover the steel reinforcement. 
This was carried out with the use of jack hammers – shown in Figure 6.  
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Figure 6. The repair procedure. 

Before new concrete mortar was cast onto the beams the corroded steel reinforcement 
was brushed clean using a steel brush followed by cleaning of the concrete surface by 
pressurised air. A mould was built around the cavity which was filled with a 
cementitious repair mortar up to the level of the origin concrete surface. A concrete 
slurry was applied prior to the repair mortar. The repair mortar was left to harden 28 
days while covered by plastic sheeting to prevent plastic shrinkage cracks. The mortar 
was in addition kept moist the first week by adding water to the surface. No surface 
treatment was used on the steel reinforcement, i.e. corrosion prohibitors, which are 
normally used for these types of repair procedures for corrosion mitigation. The 
reason is that this study does not consider the long term results of the repair procedure.  

2.6. Strengthening 

The strengthening procedure included the removal of weak concrete layers by 
brushing using steel brush, cleaning by means of pressurised air, application of 
diffusion open two component epoxy primer, and finally bonding the CFRP plates to 
the concrete surface. The primer was left harden for 24 hours, and then swiped off 
with acetone, before the CFRP plates were bonded. For applying the adhesive a 
special tool to obtain the correct amount of adhesive on the plates was used. The 
average adhesive thickness of 2 mm was aimed for. The application tool is shown in 
Figure 7. The temperature during the strengthening work was 21 C and the humidity 
approximately 45 %. After these preparations the CFRP plates were mounted on the 
beams, as can also be seen in Figure 7.  
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Figure 7. The strengthening procedure. Left: Adhesive application tool. Right: Bonded 
CFRP plate.   

2.7. Experimental results

The experimental results are focused on load versus mid-span displacements. All 
beams without strengthening failed by yielding of the tensile steel reinforcement. 
Beam A cracked at about 7 kN and yielding of the tensile reinforcement was reached 
at about 80 kN. The glass fiber rods, used for attaching strain gauges, gave from this 
point and on a linear increase of the load. The test was aborted at 50 millimetres of 
mid-span displacement when the load had reached around 95 kN. The remaining 
beams had been undergoing the corrosion phase or more of the life cycle, which 
produced an initial deflection at around 7 millimeters due to the long term loading. In 
addition, no cracking load was identified for those beams. Beam B reached yielding at 
70 kN, which is in comparison to beam A in proportion to the mass loss of steel caused 
by corrosion. Beam D had a decreased internal lever arm and decreased steel mass, 
which explains why the failure occurs at 65 kN already. Beam E has about the same 
strength as beam D, although the displacements are slightly smaller. This is explained 
by the fact that the entire tensile bar is now covered in the repair mortar, in 
comparison to beam D where the bar was un-covered. The strengthening of beam F
increases the load carrying capacity above the reference beam in terms of yielding of 
the tensile steel reinforcement. However, at 28 millimeters of mid-span displacement 
the CFRP plate debonded. From this point and on the performance is the same as for 
beam E again. Load versus mid-point displacement graphs are presented in Figure 8a).  
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Figure 8. Experimental results: a) Load versus mid-span displacement graphs for 
beams in different stages, b) Life cycle behaviour in terms of load versus mid-span 
displacement.

The life cycle behaviour is created by using failure load test results in terms of load 
versus displacement data. The intact beam (A) curve is plotted up to the service load 
(40 kN) giving the behaviour of the undamaged structure. The reduction in stiffness 
caused by corrosion leads to an increased deflection at the same load. This deflection 
is determined experimentally by finding the mid-point displacement at 40 kN for the 
corroded beam (B1 or B2). The load reduction from service load down to dead load 
(20 kN) follows the curve for the corroded beam (B1). The deflection is increased 
even more at dead load when the cover concrete is removed. This deflection is 
determined at dead load for the beam where the cover concrete is removed (D). The 
final stages are plotted from this point in the diagram. If the structure is not 
strengthened it follows the curve for the repaired beam (E). If the structure instead is 
strengthened, the behaviour follows the curve for the repaired and strengthened beam 
(F). The life cycle from the experimental test is given by the bold line in Figure 8b). 
Each stage from a to g are given by lower case letters in the figure.  

3. Finite element simulation  

3.1. FEM discretization 

The numerical simulations carried out in the present study with the commercial finite 
element program DIANA Release 9.2 [14]. The study is limited to quasi - static 
loading and time depended effects (creep and shrinkage) were not included in the 
present numerical analysis.   
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Since the beam and failure loading scheme are symmetrical, it is sufficient to model 
only the left half of the beam, see Figure 9. In 2D model it was used eight-node 
quadrilateral CQ16M plane stress elements for concrete with 80×12 element mesh 
which included the deterioration or repair part of the beam with 40×3 element mesh 
was used. Two sets of elements in the deterioration part of the beam are modelled. 
These sets represent deteriorated concrete, that must be removed, and new strain-free 
repair material that may be applied in the repair process, respectively. A perfect 
contact between the deteriorated concrete beam and new repair material is assumed in 
the present numerical simulations.  

Figure 9. FEM discretization. 

The steel reinforcement was represented by discrete three-node CL9BE beam 
elements with predefined circular cross-section. The stirrups and glass fiber rods were 
modelled by truss CL6TR elements located along the mesh of the concrete elements 
the same as the beam elements. A perfect bond between concrete to stirrups and glass 
fiber rods to concrete was assumed in the numerical simulations. Bond stress-slip 
relations are implemented for intact (tensile and compressive) and corroded bars using 
interface elements IP33 CL12I (Figure 10) available in DIANA. In this representation, 
the beam CL9BE element which represents the reinforcement bar is connected to the 
concrete element CQ16M at nodes via the interface element CL12I. The structural 
interface element will describe the interface behaviour in terms of a relation between 
the normal and shear tractions and the normal and shear relative displacements across 
the interface. The CL12I interface element is an interface element between to lines, 
reinforcement and a line on the concrete surface, in a two-dimensional configuration. 
To model interface between the concrete and steel, the line with nodes 1-2-3, see 
Figure 10, sweeps up to forms the reinforcement steel with nodes 9-10-11. The created 
points, nodes and surface represent an interface of interaction between concrete and 
steel, and CL12I interface element is applied. Further, to finish the finite element 
model the steel element must be moved back to its original placement closing the gap 
between steel and concrete elements.  
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Figure 10. Bond stress – slip implementation. 

Some remarks should be made here. The plane stress element has only translational 
degrees of freedom while the beam element has both translational and rotational 
degrees of freedom. If a plane stress elements are connected to beam elements 
directly, then additional degree of freedom must be applied for reasons of 
compatibility which means that the rotating degree of freedom must be tied to the 
translational degree of freedom.  The options in DIANA program will generate this 
type tying automatically for directly connection of beams to plane stress elements if 
both elements are in the model plane. In other cases, a tying may be specified.  
Unfortunately, DIANA (Release 9.2) does not offer an interface element which can 
connect the beam and plane stress elements.  In the present numerical analyses the 
interface element CL12I is used for connection of beam and plane stress elements 
without manual tying of rotating degree of freedom of the beam element to a node of 
the interface element. Such representation probably is not correct and may represent 
errors in the results of simulations. However, a simple numerical pullout test was 
carried out where the bond stress-slip relation was specified as input parameter. The 
resulting load-displacement curve obtained in the numerical analysis was in full 
agreement with input values of the bond stress-slip relation. 

3.2. Corrosion model and bond-slip behaviour  

No detailed data about pitting corrosion is available from the experimental study. Thus 
the uniform corrosion model is used in the present numerical analysis [3]. A nominal 
diameter of 16 mm is used for uncorroded tensile and compressive reinforcement.  As 
a result of corrosion, the bar diameter of tensile reinforcements in the deteriorated 
zone is reduced by 5 % which is corresponding to a value of 15.2 mm.  
The bond stress-slip relationship for intact (uncorroded) bars proposed in the CEB-FIP 
Model Code 1990 (see Figure 11a) ) was chosen to use in the present numerical 
simulation since the Model Code 1990 model was taken as a basic for development of 
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some models of corroded bars [17].  The maximum bond strengths for uncorroded 
bars were estimated by Model Code 1990 for confined concrete as 18.5 MPa (for good 
bond conditions) and 9.3 MPa (for all other bond conditions).  Further, the bond 
strength and slip parameters for the uncorroded beam adopted in the present finite 
element simulations are chosen as: max = 9.3 MPa; f = 3.7 MPa; 1s = 1.0 mm; 2s =

3.0 mm; 3s = 10.0 mm (assumed);  = 0.4.   

Figure 11. Bond stress-slip models: a) for uncorroded reinforcement by Model Code 
1990 [17], b) for corroded reinforcement by Tørlen and Horrigmoe [18]. 

The model proposed by Tørlen and Horrigmoe [18] (Figure 11b) ) was chosen for 
implementation in the present numerical analysis. This model was obtained by scaling 
of the bond stress–slip diagram for intact reinforcement. The bond strength max may be 
calculated from the empirical formula by Rodriguez et al. [19] or based on 
experimental data. The residual bond c

f  is suggested to be taken as a fraction of this 
value or set equal to zero.  
The empirical formula by Rodriquez at el. [19] is proposed for estimation of bond 
deterioration in the post-cracking regime if the attack penetration higher than 30-50 
microns:
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where c
max is maximum residual bond strength ; x  is attack penetration depth in 

microns; ctf  is splitting tension strength, of concrete; c  and s are contribution to 
bond from concrete and from the transverse reinforcement (stirrups), respectably; 

0/c  is cover to rebar diameter ratio;  ssA is cross area section of stirrups; ysf is yield 

stress of stirrups; sS  is distance between stirrups; s is diameter of stirrups 
and ,, are empirical constants.  

The relation has been obtained by fitting various pull-out tests results, with different 
concrete covers and amounts of stirrup confinement. The experimental work by 
Rodriguez was based on tests carried out with 300 mm cubic specimens reinforced 
with four 16 mm and 10 mm diameter bars, one in each corner, reproducing part of a 
beam submitted to constant shear force. The stirrups of 6 mm and 8 mm diameters 
with spacing 70 mm and 100 mm were used in the laboratory tests. Concrete cover 
was 15, 24 and 40 mm, given the values of 0/c  ratio of 1.5 and 2.5. The
compressive strength of concrete was 40 MPa and the splitting tension strength varied 
between 3.4 and 5.2 MPa. The resulting values of   were the same for all test ( =
0.1). The contribution of the stirrups to bond strength values was assumed independent 
of the corrosion level ( = 0.163). The variation of  constant between 0.26 and 0.40 
shows that different changes in the amount of stirrups or 0/c  could effect the 
definition of this constant.    
Since the type of cross section of the beam specimen, diameters of tensile and 
compressive reinforcement, 0/c  ratio, current density used in the accelerated test 
and some of material parameters are almost similar to the beam specimens used in the 
present experimental study, it was suggested to use the empirical formula by 
Rodriguez et al. [19] for estimation of maximum bond strength of corroded bar. The 
results of calculation showed that the maximum bond strength for rebar with a 
corrosion level of 5 % of diameter loss is equal to 5.6 MPa which represents the 
reduction of maximum bond strength due to corrosion by 70 % for confined concrete 
with good bond conditions and by 40 % for confined concrete with all other bond 
conditions. The difference in the reduction of the bond strength is remarkable large. 
Thus, based on the summary of results from different pullout tests presented by 
Horrigmoe et al. [20] for concrete specimens with transverse reinforcement, it was 
decided to reduce the maximum bond strength with 50 % for corrosion level of 10 % 
weight loss (or 5 % of diameter loss). It was also suggested no changing in slip values 
at the residual bond strength and in the ascending branch of bond-slip curves at the 
first approximation. The bond-slip behaviour after applying of repair material in 
deteriorated zone of the beam was assumed the same as for uncorroded stage.   
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3.3. Material models and input parameters 

A fixed smeared crack model the softening branch of the strain-stress diagram, 
subsequent to cracking, is brittle and in accordance with a tension stiffening model. 
The constitutive behaviour of the reinforcing steel was assumed to follow that of a 
standard elastic-ideally plastic material with linear strain hardening. The stirrups were 
modelled as elastic-ideally plastic material with the Von Mises yield criterion, while 
glass fiber rods were considered as a linear - elastic material.  
Basic material parameters for concrete and reinforcing steel were determined 
experimentally, see above. Some of the material parameters used for finite element 
simulations were calculated by CEB-FIP Model Code 1990 [17] and the Norwegian 
Code for Design of Concrete Structures, NS 3473 [21].  The material properties used 
in the numerical simulations are: mean value of compressive strength of concrete 62.9 
MPa (calculated Model Code 1990), tensile strength 2.8 MPa (calculated NS 3473), 
modulus of elasticity 30000 MPa (calculated NS 3473), shear retention factor 0.01, 
uniaxial yield strength 514 MPa (laboratory), modulus of elasticity 210 000 MPa 
(used as a standard value) and elasto-plastic tangent modulus 2860 MPa (assumed) for 
steel.

3.4. Numerical analyses

3.4.1. Phase analyses
Simulation and analysis of the structure sequence by a phased structural analysis is 
available in the finite element program DIANA [14]. In phased structural analyses in 
Diana the model may change from one phase to other phase. In each new phase 
elements may become active or inactive, material properties may be changed and 
supports or boundary conditions and loads may be removed or added. The obtained 
results such as displacements, stress and strain distributions in one phase are 
transferred to the subsequent phase as initial values. The stresses and strains in 
inactive elements do not change until these elements become active again. Using the 
features of the phase analysis in Diana, the service life cycle described previously 
could be modelled by five numerical phases. Each phase in the numerical simulation 
represents a complete nonlinear finite element analysis and involves one or more 
stages of the service life cycle.   
The first numerical phase PH1 which corresponds to stage a in Figure 1, includes the 
nonlinear analysis of a reinforced concrete beam which is loaded until full service load 
SLS (40 kN) in age of 28 days.  
The second numerical phase PH2 describes the behaviour of the concrete beam during 
the experimental stages b and c. In this phase the model is unchanged, but new 
material properties are specified. In the first part of this phase a reduction of cross-
section area to corroded bars and changing in bond strength and bond-slip behaviour 
between deteriorated concrete and corroded bars occur under full service load (SLS).  
Unloading (stage c) to dead weight load (20 kN) is carried out after 75 days under 
accelerated corrosion and presented in the second part of the current numerical phase.  
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The model is being changed in a subsequent phase representing the repair option in 
stage d (the third numerical phase PH3) where plane stress elements represented the 
deteriorated concrete and interface elements between corroded bars and concrete were 
removed at a depth of 50 mm. No additional changes in material parameters were 
subjected in the numerical simulation in the phase.  
The nonlinear analysis of stages e and f comprises two steps in the fourth numerical 
phase PH4. As the first steps, the application of new strain-free “repair” material 
under dead load and the establishment of new interface elements representing the 
bond-slip behaviour between corroded reinforcement and new repair material are 
presented. The second step in the numerical phase includes the nonlinear analysis 
where the concrete beam after 28 days since application of the repair material is 
subjected to failure load (ULS). If the concrete beam is strengthened (stage f and g),
only the application of new repair material and new interface elements will be 
presented in the fourth numerical phase.  The strengthening of deteriorated and repair 
beam may be simulated in separate numerical phase (the fifth numerical phase PH5) 
which will include two parts: application of the strengthening system and then loading 
until failure.  
As the first, the numerical simulations of the full scale beam modelled by Sand [13] 
were carried out using the phase analysis in finite element program DIANA. 
Comparison of the results from numerical simulations using both finite element 
programs ANSYS and DIANA showed identical behaviour of the concrete beam 
(load-displacement curves) and an equal value of the failure load. However, DIANA is 
known as a well tested software package which has capability for handling technical 
problems relating special to design and assessment activities in concrete, offers a 
range of material models for the analysis of non-linear concrete material behaviour 
and provides advanced modelling features with respect to creep and shrinkage 
deformations. Since implementation of some of these features seems to be advanced 
or more difficult in ANSYS, the DIANA program is used in further numerical studies.  

3.4.2. Reference beam
The nonlinear finite element analysis were performed for the reference beam using  
the bond – slip relation for uncorroded bars and confined concrete with all other bond 
conditions, given in the table for Model Code 1990. Trial runs with different bond – 
slip values showed that the behaviour of the beam is not too much sensitive to choose 
of the values for bond strength and slips from the table in Model Code 1990.  
The load-deflection diagram for the reference beam determined in the laboratory test 
is compared with the behaviour obtained from the finite element simulations, see 
Figure 12 a). The numerical solution is in very good agreement with the experimental 
test.
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Figure 12. a) Load - displacement curves for reference beam, b) Service life 
behaviour. Comparison of the laboratory and FE results. 

3.4.3. Phase analyses of service cycle life of concrete structures  
As the next step, the numerical analyses of life cycle behaviour were carried out using 
the features of the phase analysis in DIANA. The load-deflection diagram representing 
the service life cycle for the concrete beam determined in the laboratory test is 
compared with the behaviour obtained from the finite element simulations, see Figure 
12 b). 
The undamaged beam was subjected to a gradually increasing load up to service load 
at 40 kN where first cracking occur at 7.4 kN in the FE-model. The reduction of cross 
section of reinforcement with 5% and changing in bond – slip behaviour causes 
increasing in displacement to 9.8 mm.  The experimentally-graphically diagram 
obtained during unloading is much stiffer than the numerically obtained curve. During 
unloading in DIANA, the force–displacement diagram tends towards the origin as 
default (secant modulus) resulting in the crack closure and low central displacement 
(4.9 mm) of the beam. When the elements of deteriorated concrete are removed and 
the tensile reinforcement is exposed over the entire deteriorated region of the beam, 
addition deflection is caused, which is significant lower (5.6 mm) than presented at the 
laboratory curve (10.3 mm). It should be also noted that the reinforcement takes the 
shortest way and move towards the centre of the beam.  
Further, the removed concrete elements are replaced by new elements which represent 
the repair mortar. These elements are strain-free, with no cracking (see Figure 13) and 
did not contribute to any additional deflections at the dead load. Finally, when the 
repaired beam is loaded until failure, the initial stiffness of the repaired beam from the 
numerical simulation seems to be in agreement with the experimental curve from the 
service load and beyond. However, the experimental beam exhibits a significantly 
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higher stiffness up to the service load. Yielding of tensile steel reinforcement occurred 
at 75 kN in the numerical simulation, which is unfortunately 13.6 % larger than the 
test load (64.8 kN).  

Figure 13. Comparison of crack pattern of stages e-f between FE-analysis and 
experimental test. 

The crack patterns corresponding to stages of repair operations and loading until 
failure (stages E to F of the service life cycle) compared to the results from the 
experimental study are presented in Figure 13.  It seems that the crack pattern at 
failure stage is quite similar.  
Calculated distributions of bond stress along the tensile reinforcement of the beam are 
depicted in Figure 14. The first significant changing in the bond stress occurs after 
cracking at a load of 7.4 kN, see Figure 14a). Further, the maximum bond strength 
does not exceed 3.0 MPa obtained at the serviceability load (32 % of the maximum 
bond strength assumed as 9.3 MPa). In the next sequence phase the bond strength for a 
corroded part of the beam was reduced by 50 % due to corrosion which results in a 
reduction of bond stress both in the un-corroded and corroded parts of the beam, as 
seen in Figure 14b). The maximum bond strength in the uncorroded and corroded 
zones of the deteriorated beam is approximately 1.5 MPa and 1.0 MPa respectively. 
This is significantly less than the assumed maximum bond strength of 9.3 MPa. When 
serviceability load (PH2 40 kN) is reduced to dead load (PH2 20 kN), the maximum 
bond strength is reduced by 50 %, see Figure 14b) and Figure 14c). The removal of 
deteriorated concrete caused an increase in the bond stress (with opposite sign) in the 
deteriorated beam near the repaired part (Figure 14c) ). When comparing results 
presented in Figure 14a) and Figure 14d) it is concluded that lower values of the bond 
stress are obtained in the central part of the deteriorated-repair beam at serviceability 
load (PH1 40 kN and PH4 39.4 kN). The distribution of bond stress is changed 
significantly at a contact zone of the deteriorated concrete and repair material.  
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Figure 14e) represents the comparison of development of bond stress for the reference 
beam and the deteriorated-repair beam.  The bond - slip behaviour in the deteriorated 
zone of the repaired beam was assumed to be equal to initial bond-slip values for the 
uncorroded beam in the present numerical analysis. The results from the numerical 
analysis show that the maximum bond stress exceeds 2.8 MPa and 1.9 MPa in the 
uncorroded and corroded parts of the deteriorated and repaired beam respectively. The 
result from the numerical analysis of the reference beam shows almost an identical 
distribution with maximum bond stress of 3.3 MPa. However, the pattern of bond 
stress distribution is changed in a zone between 250 and 550 mm due to development 
of the cracks in this region.

4. Comparison of results from laboratory, probabilistic and numerical studies 

Studying the load carrying capacity in bending using a probabilistic approach is a 
powerful tool to assess the influence of different parameters, and it does also give the 
possibility of evaluate the change of performance and safety during the service life of 
structures. In Bergström [15] a probabilistic study is performed to demonstrate the 
safety shift in different stages of the life cycle, but also how the performance varies for 
a given beam due to the distributions of geometry and material parameters. To verify 
the probabilistic calculations the actual failure load is presented in respectively beam’s 
load carrying capacity distribution, see Figure 15. It is seen that there is a good 
agreement between the average value and the failure load for beams B and E. For 
beams A and F the calculation underestimates the failure load of around 5 kNm.  
Geometric and material data have been collected from beams in respectively phase, 
and have been used in a second order reliability analysis. The results from the analysis 
are statistical distributions which are predictions of capacity in bending. In Figure15 
the statistical distributions for bending capacity in respectively stage are presented. 
The experimental failure loads for the beams in the test series are plotted along 
respectively distribution. The standard deviations for the distributions are captured 
from these analyses and adopted in the experimental load versus mid-point 
displacement graph. In this way it is possible to estimate if the difference between FE-
analysis and test data has to do with the model assumptions or simply with 
uncertainties with material and geometrics. The probabilistic evaluations are not given 
any further attention and for a full description see Bergström [15].  
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Figure 14. Bond stress distributions along a tension rebar: a) Comparison of bond 
stress distributions at different load stages in the first numerical phase (PH1), b) 
Comparison of bond stress distributions at service load in the first (PH1) and the 
second (PH2) numerical phases, c) Comparison of bond stress distributions at dead 
load in the second (PH2) and third (PH3) numerical phases, d) Comparison of bond 
stress distributions at different load stages in the fourth numerical phase (PH4), e) 
Comparison of bond stress distributions for reference and repaired beams at failure 
load.
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Figure 15. Distributions for load carrying capacity with actual failure load. 

The FE-analysis in this study has incorporated only deterministic values, and there 
might hence be differences between the input in the model and the actual simulated 
beam. However, a FE-estimation should lie within a certain interval around the 
average measured values. A 95 % confidence interval is created around the load-
displacement graph using the standard deviations from respectively stage, see Figure 
16. The predicted service life behaviour from FE-analysis is also plotted in the same 
figure.

Figure 16. Service life behaviour of concrete structures: a) Laboratory, probabilistic 
and FE studies, b) Enlarged view.  
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The results of the FE simulation showed the failure load is 4.2 % larger than the value 
of the failure load corresponding to upper bound of 95 % confidence interval. Some 
main aspects will influence the result of the presented numerical simulations:  

The time dependent effects, such as creep and shrinkage of concrete, will 
increase the displacements under serviceability load during the corrosion 
stage. Shrinkage of new repair material, which is applied under dead load, will 
affect behaviour of the concrete beam under dead and service loads.
The removal of deteriorated concrete is unequal through the cross section and 
along the beam, and will probably affect the central displacement under dead 
load.
An increase in displacements under service and dead loads, and a significant 
decreased failure load may be the result when including the effect of pitting in 
the corrosion model.  
Failure or cracks, which may occur between old concrete and new repair 
material, may change behaviour of the beam under increasing of the load in 
the dead to serviceability stages.  
Changing in mechanical properties of steel due to corrosion will influence on 
the load-displacement behaviour.  

It should also be noted that the service life cycle is created by results of the failure test 
of seven concrete beams at different stages. The result of the numerical analysis 
represents the behaviour of one single concrete beam which undergoes all stages in the 
deterioration –retrofitting cycle. Thus, the difference in results from the experimental 
study and FE analysis of presented service life cycle was expected.  
Some more comments regarding the creation of the service life cycle and experimental 
investigations should be made here. The created service life cycle of the concrete 
beam is based on the result of failure test of just one corroded beam (B1). Using the 
results of failure test of other corroded beam (B2) or based on average results of two 
corroded beam (B1 and B2), see Figure 8b), the load - displacement curve is changed, 
and the difference in the displacement under dead load, is reduced significant. In this 
case, the difference in displacements (d - f) under dead load will be in more agreement 
with the numerical simulations.  
The degree of corrosion of the corroded bars was estimated in laboratory by the 
gravimetric mass loss method and varied between 8.6 % and 10.9 % [15]. The mass 
loss can also be determined by a procedure in which the corroded steel bar is gradually 
lowered into a cylinder partially filled with water (Archimedes’s principle). By this 
procedure, the variations in cross sectional area along the axis of the corroded bar, can 
be established. Sometimes the specified nominal bar diameter may be taken as a basis 
for establishing the initial geometry of the bar and then compared with the measured 
mass loss of the corroded bar. Production tolerances of steel bars may be too large to 
enable accurate calculations of variations in cross sectional area along the bar [20]. In 
the laboratory study, this obstacle should be circumvented by conducting similar 
weight measurements of each bar before and after corrosion in order to establish 
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variations in corrosion levels along the bar. Using the true variation of reduction of the 
cross section area due to uniform and pitting corrosion in FEM simulation, a more 
correct representation of the service life cycle behaviour of concrete structures could 
be obtained.  

5. Concluding remarks 

An increasing number of reinforced concrete structures such as bridges, marine 
structures, and commercial buildings are now being in the deterioration stage where 
repair and upgrading is required to maintain the serviceability and ultimate limit 
requirements. Corrosion of reinforcing steel due to penetration of chlorides continues 
to be one of the principal causes of deterioration of RC structures. Corrosion together 
with increased requirements may render into an insufficient structural performance. 
The durability aspects and lacking load carrying capacity could be solved with repair 
and strengthening procedures.  
The purpose of this paper has been to present the results of the projects which have 
been carried out in Scandinavia during the last three years. The main aim of the 
research was to simulate the service life cycle of RC beams undergoing accelerated 
corrosion and investigate the effects of CFRP strengthening on repaired RC beams.  
This research is innovative in several respects. Until now, only research results on the 
effects of corrosion upon structural stiffness and strength on small scale beams have 
been presented in the literature. In current research a series of large scale beams were 
subjected to simultaneous loading and corrosion attack using impressed current. The 
beams were then partially unloaded, contaminated concrete removed, bars cleaned 
from corrosion, and a new repair material applied. At this stage CFRP plates were 
epoxy bonded to the concrete beam, and the load was increased until failure. At the 
same time this project provided an excellent opportunity of comparing of results from 
experimental and probabilistic studies with nonlinear finite element analysis. Finite 
element program DIANA using features of phase analysis was used to simulate the 
deterioration and repair stages of the service life cycle of a reinforced concrete beam. 
One single concrete beam was subject to sequence phases with loading to 
serviceability load, corrosion, partially unloading, repair and loading until failure.
The bending stiffness was reduced during the corrosion phase, partly because of creep 
from the long term loading but also due to corrosion of the tensile reinforcement. This 
stiffness reduction is seen as a plateau in the load – displacement graph over the life 
cycle. A stiffness reduction was also noticed during the repair procedure. This is 
caused by removal of residual bond between steel and concrete but also because the 
reinforcing bars moved slightly upwards when the surrounding deteriorated concrete 
was removed during loading.  
The flexural capacity for the repaired beam is less than the reference beam due to a 
reduced steel content and reduced effective height. Upgrading was necessary if the 
reference level could be achieved. An epoxy bonded 50 1.4 mm CFRP plate was in 
this particular case enough to bring back the original capacity.  
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The results of the FE simulation compared to the experimental study showed the 
failure load of the repaired beam is 13.6 % larger than the experimental value. 
Compared to results from the probabilistic study, the value of the failure load of the 
repaired beam from FE study is still 4.2 % larger than the value of the failure load 
corresponding to upper bound of 95 % confidence interval.  The load-deflection 
diagram representing the service life cycle of the concrete beam obtained from the 
finite element simulations were compared with the behaviour determined in the 
experimental test. The central deflection of the concrete beam from FE analysis was 
significantly lower than in the experimental study at the corrosion and repair stages. 
During the corrosion stage time dependent effects increases the mid-span 
displacement. This time dependent effect is not incorporated in the FE-analysis which 
is one explanation why the results differ. Hence, it seems to be important to improve 
the FE model which should include the time dependent effects, such as creep and 
shrinkage of concrete. After the corrosion phase the load – displacement curve follows 
the corroded beam during uploading. The behaviour during increased and decreased 
loading is not identical. In the failure test the behaviour during load reduction was not 
studied, which might be another explanation why the results do not fully correspond.  
The model should also be updated to take a failure in the contact zone between old 
concrete and new repair material into consideration. This is especially interesting as 
the material properties of the repair mortar and the substrate concrete are not the same. 
The failure load would probably decrease if pitting was introduced together with 
uniform corrosion model in the FE analysis. A local steel area reduction caused by 
pitting corrosion reduces the failure load in a discrete point along the bar. This might 
lead to a global failure of the structural member. Further, the finite element simulation 
has to be extended to account for externally bonded composite material and 
progressive debonding failure at the interface between concrete and composite 
material in such a way that the full service load cycle could be obtained. 
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ABSTRACT

Monitoring of civil concrete structures might overcome the shortcomings of 
only visually inspecting the concrete surface. One challenge coupled to 
monitoring is to capture a suitable property for the problem investigated. In this 
paper the possibility of monitoring the bending stiffness of scaled reinforced 
(RC) beams through curvature measurements is explored. It concludes that the 
bending stiffness is interpretable on a material and geometrical level, and that it 
hence is possible to relate the recorded results to theory. Further, the bending 
stiffness is a measure which is coupled to Serviceability Limit State (SLS) in 
terms of deflections, crack widths and vibrations.

The results from the study show that four phases can be distinguished for the 
bending stiffness development during a failure load test. These phases are (I) 
un-cracked, (II) crack forming phase, (III) crack stabilised phase and (IV) 
failure. Phase II ends in the order of approximately four times the cracking 
moment (Branson, 1977). It is further concluded that a good agreement 
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between linear elastic theory using plain sections and monitoring results is 
possible to attain.

Keywords: Condition, assessment, stiffness, curvature.  

INTRODUCTION

The assessment of existing Reinforced Concrete (RC) structures is becoming 
more and more important in order to create a sustainable society by using the 
existing structure to as large extent as possible. Assessment of civil structures 
in SLS is still dominated by visual inspections, which might lead to important 
information being overlooked. By monitoring the structure more information 
about the condition can be gained. It is believed that this can be done more 
efficiently if proper and interpretable quantities are measured, in particular in 
combination with numerical calculations. An approach where the bending 
stiffness is calculated from curvature measurements is presented in this paper. 
The aim with the study is to obtain an understanding of how the bending 
stiffness develops during loading of RC beams. This is done by conducting a 
set of laboratory experiments. One benefit of using the bending stiffness is that 
the measured value can be interpreted on a material and geometrical level. The 
stiffness can for linear elastic conditions and plane sections be written as 
follows (see also Figure 1).

MEI   (1) 

dx

M

Mx dxdx dx
E I E

M

x
dx dx Mdx
R x EI

1 M
R EI

R

Figure 1. Relationship between curvature , radius of curvature R, modulus of 
elasticity E and moment of inertia I for a beam element with a bending moment 
M.
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Despite the theoretical simplicity the equation holds very much information 
about the structural member. Some aspects affecting the curvature of a 
structure are given in Table 1.

Table 1. Parameters affecting the curvature of a bent structural element.  

E (Material) I (Geometry) M (Load effect)

Strength Dimensions Load 

Stiffness Cracks Location of load 

Temperature  Boundary conditions 

The bending stiffness has large influences on the Serviceability Limit State 
(SLS), since SLS generally involves deformations, cracking and vibration 
which

damage the structure or non-structural elements (such as finishes, 
partitions etc.) or the contents of buildings (such as machinery). 

cause discomfort to the occupants of buildings 

adversely affect appearance, durability or water tightness and weather-
tightness.

According to Beeby and Narayanan (1995) the SLS is applicable in two 
phases, see Figure 2, where phase 1 is the uncracked conditions followed by 
phase 2 when concrete is cracked and still elastic. The ULS follows phase 2 
and is defined as the inelastic phase.
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Deformation 

Lo
ad

 

Phase 1 
Uncracked 

Phase 2 
Cracked 

Phase 3 
Inelastic phase 

Ultimate load 

Cracking load 

Phases 1 and 2: SLS 
Phase 3: ULS 

Figure 2. Typical load-deformation of RC structures and regions established 
for SLS and ULS according to Eurocode, based on Beeby and Narayanan 
(1995).

CRACKING OF CONCRETE

The stiffness of a cross section exhibiting a bending moment depends on the 
amount of cracking. Here, the local and global moment of inertia has to be 
separated in order to make a distinction between how the entire structure 
behaves and how a particular cross section behaves. In the ULS, for example, 
the local moment of inertia at a crucial cross section is of uttermost importance. 
This cross section is located where the probability of a failure is highest, i.e. at 
a location with extraordinary high load effect or where damage is located. The 
local behaviour is in this case what is of importance. Deflections, on the other 
hand, are captured from the global behaviour and are dependent on the moment 
of inertia of the entire structure.  

Cracks affect both the structural integrity (durability) and the deformations. 
The reinforcing bars are exposed directly to the environment through cracks, 
and the cross sectional moment of inertia is decreased as cracking progresses. 
Cracking of concrete can occur for several reasons. They might appear from 
shrinkage and other movements in combination with restraint during the 
hardening phase, or from loading when the structure is in service. Cracking is 
an irreversible damage process. It is damaging in terms of decreasing durability 
and stiffness. It is irreversible in the sense that an opened crack can not 
disappear even though it is closed, partly or fully, if the load is reduced. It 
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should however be mentioned in this context that cracking of concrete due to 
loading is allowed to some extent as it is required to make use of the tensile 
reinforcement.  

Steps to explain what happens when an RC member is subjected to an 
increasing bending moment are shown in Figure 3. These steps are presented in 
the next section.

Concrete in 
tension 

Concrete in 
bending 

Steel and concrete 
in tension 

Steel and concrete 
in bending 

Figure 3. Four steps explaining what happens when an RC beam is subjected to 
a bending moment.  

Concrete in tension 

The fictitious crack model proposed by Hillerborg (1976) explains how 
concrete behaves when cracking. When a concrete prism is subjected to an 
increasing tension strain a crack will form and the crack develops gradually 
until the prism finally comes in two pieces. Before the crack becomes visible to 
the eye, micro cracking occurs in front of the crack tip which causes softening 
of the material. The softening zone is often denoted the fictitious crack. The 
tensile stress in front of a visual crack tip when a crack is forming is illustrated 
in Figure 4.

Visible crack Fictitious crack Solid material

tf

Figure 4. Principal stress to crack-width relation for concrete.

Let us study the case of a concrete bar, as shown in Figure 5. The body is 
elongated with the distance . The deformations are measured in two positions 
along the length of the bar. When the bar is tensioned the stress increases 
almost linearly until the peak load is reached. After the peak load the stress 
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decreases. The decrease of load during increase in deformation is called strain 
softening. The softening takes place in the weakest planes within a region 
called the fracture process zone or the damage zone. Simultaneously as the 
damage zone forms, the remaining parts of the bar (outside the damage zone) 
begins to contract. Zone I is located in an elastic area, whilst zone II is located 
at a crack.

Gauges 

Fracture zone 

I

w

w

II

tf

I

II 

tf

Displacement Strain Crack opening 

E

tf

fG

Figure 5. NLFM-model from concrete based on Arne Hillerborg’s assumptions 
(Hillerborg, 1976).

Concrete in bending 

When considering a concrete cross section which exhibits an increasing 
bending moment, the concrete in tension will act in the following way. The 
transition from uncracked to cracked condition does not occur instantaneously 
due to concrete micro cracking, and could be explained by Figure 6. The 
stresses prior to cracking are shown in stage 1. States of stresses during crack 
propagation are shown in stages 2a through 2c. The SLS (Service Limit State) 
covers all these stages if no inelastic stresses (yielding) are captured in the 
compressed concrete or tensile steel reinforcement in accordance to what is 
defined in Eurocode 2.  
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ft
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Stage 1 2a 2b 2c

Mcr

Bending moment
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Figure 6. Stress distribution at four stages in SLS (stage 1 and 2) at a particular 
cross section undergoing increased bending moment.  

Concrete and steel in tension 

If a reinforcing bar is embedded into a concrete body it is possible to find how 
steel and concrete interacts. A RILEM round robin test was performed to study 
the behaviour of a deformed bar cast in a concrete prism. The study involved 
contributions from seven participants from across Europe, and a paper was 
prepared by Elfgren and Noghabai (2001). The object was to study the 
cracking mechanism and a possible size effect depending on the concrete cover 
thickness and the bar diameter. An axial, tensile force was to be applied to the 
bar until the specimen collapsed. A clear tension stiffening effect was found, 
i.e. the embedded reinforcing bar behaved stiffer than the naked bar. Figure 7 
shows results from tests with varying cover thickness c. The bar diameter was 
16 mm and the concrete was of normal strength. Four stages were 
distinguished.

1. Un-cracked stage. The stresses are below the concrete tensile strength, 
fct, and the stiffness of the reinforced tensile member is relatively large. 
This behaviour is coupled to the SLS.  

2. Crack forming stage. Cracks appear in the concrete under the influence 
of the increasing tensile force (SLS).  

3. Stabilised cracking stage. The tensile force increases steadily with the 
deformation curve parallel to the line for the naked reinforcement bar. 
Only a few more major cracks, if any, appear, but the existing cracks 
grow wider (SLS).
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4. Yielding of the reinforcement. The maximum load capacity has been 
reached but the deformations can still increase considerably.  

Note that phase I above is equal to stage 1 according to EC2 (Figure 2), phase 
III is stage 2, and phase IV is equal to stage 3. Phase II is hence missing in the 
definition made in EC2.  

Displacement [mm] 
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Bare rebar

= 16 mm

I II III IV 

Figure 7. Load-deformation diagrams for elements showing influence of cover 
thickness c, based on Elfgren and Noghabai (2001).

Concrete and steel in bending 

Considering these results and moving on to an RC member subjected to 
bending leads to the effective moment of inertia concept presented in Branson 
(1977). The ratio between the effective moment of inertia, Ie, and the gross 
moment of inertia, Ig, is equal to 1.0 as long as the cross section is un-cracked. 
As soon as the bending moment, Ma, exceeds the cracking moment, Mcr, there 
is a sharp decrease in Ie. This latter condition would result in a “yield point” 
type load or moment-deflection curve, which would most likely be the case for 
an unreinforced beam or Ig/Icr= . However, for most reinforced beams there is 
a significant rise in the load or moment-deflection relation above the point of 
first cracking apparently because of the gradual development of hairline cracks 
vertically, the distribution of cracks along the span, and the effect of tensile 
concrete between cracks. As the ratio Ig/Icr increases, the sharpness of this 
decrease in Ie becomes more pronounced. Figure 8 illustrates the result of 
calculating the effective moment of inertia, Ie, from the empirical equation as 
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In the range where Ma/Mcr is below 4 the effective moment of inertia is 
decreasing towards Icr.

0 1 2 3 4
Ma/Mcr

0

0.5

1

Ie/Ig

Ig/Icr = 1.5 

Ig/Icr = 2.5 

Ig/Icr = 4.0 

1/1.5 = 0.67 

1/2.5 = 0.40 

1/4.0 = 0.25 

Figure 8. Generalized effective moment of inertia versus bending moment. 
After Branson (1977).

MOTIVATION

The aims and motivation of the research presented in this paper are to study;  

the effects of cracking on the local and global bending stiffness,

the relation between local and global stiffness.

the strengthening effect in terms of bending stiffness,  

whether the maximum historical (previous) load of the structure can 
be estimated from stiffness measurements.  

the agreement between test results and elastic theory in terms of 
bending stiffness.

METHOD

This paper presents the study of curvature and bending stiffness under static, 
increased and repeated loading of a set of RC beams. The same basic relation 
as in the direct stiffness approach, equation 1 and 2, is utilized to calculate the 
bending stiffness from bending moment and curvature. A few cases are defined 
which are likely in a real scenario for a structural element. A structure is in 
many cases pre-cracked prior to an upgrading event, due to dead load and live 
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loads. In many cases it is also profitable to allow loading during upgrading, i.e. 
un-disrupted traffic. Being able to study the effect requires in addition 
reference data in terms of intact reference and strengthened beams. This 
requires four beams in the test matrix, see Table 2.  

Table 2. Test beam descriptions.  

Beam name Strengthened Pre-cracked Loaded during 
strengthening 

R    

S +   

PS + +  

PLS + + + 

Beam specimen 

The beam specimen is shown in Figure 9 with the as-built and the strengthened 
cross section in the bottom part. The length of the beam is 3.6 meters and the 
cross section is 350 times 180 millimetres. The shear spans and the maximum 
bending moment region are one meter each. The beam is designed to fail in 
bending in the un-strengthened scenario. When it is strengthened in bending, 
using two square 10 mm NSM (Near Surface Mounted) CFRP (Carbon Fiber 
Reinforced Polymer) rods, the beam will probably fail in shear. This is 
concluded from a probability analysis (Bergström and Carolin, 2008). The 
beam is reinforced with six rebars in the bottom and two in the top, all with a 
diameter of 16 mm. Stirrups with a diameter of 10 mm are placed with a 
spacing of 200 mm. Anchorage of the tensile steel reinforcement is assured by 
mechanically anchoring the ends of the bars by means of bending the ends 
upwards. The effective height is 292 mm and the distance to the compressed 
steel reinforcement from the top is 38 mm. The strengthening process contains 
the sawing of 15 times 15 millimetres slots in the cover concrete, filling these 
slots with an epoxy adhesive (StoBPE 465 A+B) to half the slot height, and 
finally placing the CFRP rods into the slots. The full curing time for the epoxy 
is 7 days at 20 °C.

Analytically, using equilibrium equations, the bending capacities of the un-
strengthened and strengthened beam configuration is calculated to 153 and 280 
kNm respectively. The strengthening ratio (280/153=1.83) is fairly high for a 
real structure, but still considered reasonable. Considering the test setup gives 
that a bending failure occurs at a total load of 305 kN for the un-strengthened 
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and 560 kN for the strengthened beam. The shear capacity is not affected by 
the strengthening and is estimated to 213 kN based on the truss model in 
BBK04 (2004), which is equal to an applied total load at failure of 426 kN. 
Further, the cracking moment is 11 kNm which is created by applying a total 
load (F/2 + F/2) of 22 kN as seen in Figure 9. 

The ratio between the moment of inertia for un-cracked and cracked cross 
section is calculated to approximately 2 for this particular beam, or 2 1013

versus 1 1013 Nmm2.

Further it can be mentioned that the tensile steel content is relatively large for 
this type of beam, which will result in a rather dense crack pattern. The effects 
of strengthening in terms of decreased crack widths might therefore be less 
significant in comparison to a case with less tensile steel reinforcement.  

Figure 9. Top: Specimen from side. Bottom left: Original cross section of 
specimen. Bottom right: Strengthened specimen using NSMR.  
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The curvature is monitored using three different techniques. The first uses 
traditional strain gauges located in mid-span on different bending 
reinforcement layers. These gauges are denoted sg_1, sg_2, sg_3 and sg_4. sg4
is only present on the strengthened specimens. The second technique uses 
LVDTs, here denoted K1 to K5, placed in the maximum moment region. The 
third technique is by measuring the exact distance and elongation between 
defined points on the surface on the tensile and compression part of the cross 
section by using Staeger measurement. Here small Staeger bullets are glued on 
to the surface of the concrete with a known distance. This distance is measured 
again when the beam is loaded using a special instrument. The accuracy is 
fairly high, and around 1/1000 mm. The Staeger bullets on the tensile side are 
denoted Pt1 to Pt13, and on the compressed part Pc1 to Pc13. This technique 
has the advantage that the strain between any two points can be calculated, 
from two neighbouring points (Pi and Pi+1) to the points at the far ends (P1
and P13). Two neighbouring points gives more of a local strain, and the 
transition towards a global curvature proceeds when the distance is increased 
between to considered points.

Sensor locations are illustrated in Figure 10. An area called ‘Speckle area’ is 
marked up in Figure 10. This is where a digital camera is pointed, taking 
pictures at certain load steps. The pictures from every load step are then 
compared with a reference picture, taken when the beam was unloaded, to 
determine the strain over the surface. This technique is called speckle 
interferometry and is useful for detecting cracks at an early stage and the strain 
distribution over a surface. A 12 mega pixel digital camera was used together 
with a professional flash setup in order to capture high quality images of the 
surface. In addition, cracks and crack widths are manually recorded during the 
tests using a magnifying glass.  

This monitoring setup gives the possibility of determining curvature from 
strain readings, longitudinal elongation (Staeger points), vertical displacement 
(LVDTs), and also comparing these results with the crack development 
(speckle). Visual cracks are recorded continuously during the tests using mark-
up pens.



13

Speckle side Staeger side Test setup

Figure 10. Monitoring setup and test rig.

Curvature measurement 

Considering the geometry in Figure 11 makes it possible to derive an equation 
for the radius of curvature, R. Pythagora’s theorem applied to the triangle with 
side lengths equal to R, L/2 and R 2  gives 

2 22R R L 2  (3) 

Solving the equation with respect to R results in  
2 2 21 L 4 LR

2 2 8
 (4) 

The curvature determined from LVDT readings is called global curvature. The 
reason for this is that the curvature is measured over a defined length along the 
beam. The global curvature could be determined in several sections since 
several LVDTs were installed. See gauges K1, K2, K3, K4 and K5 in Figure 
13.
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R

L

R

Figure 11. Geometry for beam curvature.  

In the case where several LVDTs are lined up after each other, as in Figure 12, 
three known points, the middle one at the geometrical centre, are required for 
determining the curvature in a certain section. The calculation is hence possible 
between the left support (LS) and K1, K1 and K3, K2 and K4, K3 and K5, LS 
and K5, the right support (RS) and K1 and finally between LS and RS. For 
three arbitrary points (i, j and k) with known displacements the distance i-k in 
this case is calculated as the deviation from the straight line between Ki and Kk.
The curvature rig and geometry for determining curvature is given in Figure 
12.

Original surface 
shape 

Curved surface 
shape 

1K 2K 3K 4K 5K

5K4K3K2K1K

kKjKiK

i k

Curvature rig 

(xi,yi)
(xk,yk)(xj,yj)

x
y

LS RS 

L

Figure 12. Curvature measurement.  

When calculating the curvature between two known points, Ki and Kk, the null 
position, y0, for gauge Kj must first of all be determined. The null position is 
the value in the middle between the points which gives a curvature equal to 
zero. After this the curvature is calculated through the offset from the null 
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position of gauge Kj. Assuming that all gauges start a zero displacement the 
equations for calculating the curvature are 

0 2
k i

i
K Ky K  (5) 

0j jK y  (6) 

2 2 2

2 82
4

j j
i k

j i k j i kL L
 (7) 

Loading

Gradually increasing loading in steps during a set of loading cycles is found to 
be appropriate in studying how the bending stiffness is changed during loading. 
The load is increased by 10 kN for every load cycle until 160 kN is reached. 
After this the loading is changed depending on beam type, see Figure 13. For 
beams R and S the load is increased from 160 kN continuously until the beam 
reaches failure. For beam PS the load is brought back to zero, strengthening is 
applied, and the loading is again increased in loading cycles similar to before 
the upgrading procedure until 160 kN is reached. Above 160 kN the load is 
increased continuously until failure occurs. For beam PLS the load is decreased 
to 80 kN before strengthening is applied. The loading is kept constant until the 
adhesive has fully hardened, followed by gradually increasing load cycles up to 
160 kN. From here on the load is increased until failure occurs.

Load cycle

0

40

80

120

160

200

Lo
ad

 [k
N

]

Loading 1 Upgrading
0 15 0 15

Loading 2

R,S PLS PS

Figure 13. Loading procedures.  
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Material properties 

Concrete from the same batch was used for beams R and PS, and S and PLS 
respectively. The concrete tensile strength was determined from a splitting test 
of one drilled cylindrical specimen per beam. The compressive strength was 
determined from testing of six 150 150 150 mm3 concrete cubes from each 
batch. The concrete modulus of elasticity was established in accordance to the 
Swedish standard SS 13 72 32, from one cylindrical specimen per beam. 
Concrete cores were here taken from respective beams by drilling. Uniaxial 
tensile tests were performed on three steel reinforcement bars and three CFRP 
bars. Material properties for concrete, steel and CFRP are summarized in Table 
3. Values in parenthesis are standard deviation.

Table 3. Material properties for concrete, steel and FRP.  

 Concrete Steel 
reinforcement 

CFRP bar 

 fct
MPa

fcc
MPa

E0
GPa

Ec
GPa

fsy
MPa

Es
GPa

ffu Ef

R 2.4 42.3 
(0.7) 

27.3 28.2 

S 3.2 56.1 
(1.4) 

27.8 27.9 

PS 2.4 42.3 
(0.7) 

26.4 26.5 

PLS 3.2 56.1 
(1.4) 

29.1 30.0 

595.3 
(7.8) 

195.2 
(5.2) 

1884 
(22.4) 

275.4 
(6.5) 

RESULTS

It should first be noted that the humps along the curves at 200 kN and above 
have arisen from stops in the deformation, during which cracks were measured, 
and are not related with cracking or such. From the load versus mid-span 
deflection diagram in Figure 14 together with the visual inspection during the 
test the following can be concluded.

Beam R failed in bending initially by yielding of tensile steel reinforcement 
followed by crushing of concrete. The maximum load was recorded to 337 kN. 
The yield plateau was well developed as the test was aborted at a deflection of 
approximately 35 mm.  

Beam S exhibited a stiffer behaviour than beam R, as expected. Beam S failed 
by simultaneous yielding of tensile reinforcement and crushing of concrete. 
The failure load was increased due to the increased height of the compressed 
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zone as a result of the strengthening. The test was aborted when the load 
carrying capacity of the beam was reduced to 300 kN.

Beam PS and PLS revealed approximately the same capacity. However, the 
final failure of beam PLS was concrete cover separation at the end of the CFRP 
rod. This was not noticed for any other beams and the explanation is that the 
rods were installed under the supports in all other cases except for beam PLS. 
Hence, the CFRP rods on beam PLS were shorter than for the other specimens 
and no mechanical anchorage was achieved in the cut-off ends.  
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Figure 14. Load mid-span deflection diagram.  

The strain measured on the concrete surface within the maximum moment 
region using speckle interferometry is presented in Figure 16 together with 
crack pattern after performed load tests. The values are calculated through a 
Matlab® script by dividing the picture of the beam surface into subpictures 
with a size of 10 mm in square. The peaks in the diagrams indicate a crack 
location. The strain in the crack is not definable, but the program can anyway 
make the calculation. By reducing the subpicture size a non-continuality in the 
picture, such as a crack, results in an increasing strain. This is because the 
extension across the crack becomes larger in comparison to the original length 
of the subpicture. A subpicture size of 64 pixels (10 mm) gives a good 
combination between result accuracy (~100 microstrains), strain across cracks, 
and number of measurement points (40) along the studied region (Svanbro, 
2004). Further, although the strain readings are difficult to interpret across a 
crack, an increasing strain value would suggest that a crack is becoming wider. 
The service load is found when the crack width of the reference beam is equal 
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to 0.2 mm. This occurred at approximately 160 kN. SLS is in the following 
therefore defined at 160 kN.

A typical result from the study in terms of bending stiffness development 
during a failure load test is shown in Figure 17 as the local stiffness for beam 
R. The same four stages as during the round Robin test can be distinguished 
also for the bending stiffness development.  

Un-cracked stage. The stresses are below the concrete tensile strength, 
fct, and the bending stiffness is large. This stage is coupled to the SLS.

Crack forming stage. Cracks appear in the concrete under the influence 
of the increasing tensile force. The stiffness decreases first rapidly, and 
then slowly to a load effect equal to around four times the cracking 
moment. This stage is also within SLS loading.  

Stabilised cracking stage. The bending moment increases steadily. Only 
a few more major cracks, if any, appear, but the existing cracks grow 
wider. The bending stiffness is constant in this stage, and the loading is 
still in the SLS.  

Yielding of the reinforcement. The maximum load capacity has been 
reached but the deformations can still increase considerably. The 
bending stiffness decreases rapidly at this load, and the specimen fails if 
the load is not deflection controlled. This stage is typically ULS as 
inelastic stresses arise.

Further, it is interesting to note that at each maximum load of every loading 
cycle it is possible to predict the previous load level. The bending stiffness of 
the latest load cycle does not exceed the stiffness reached at a previous load 
cycle because cracking is an irreversible damage process. At every loading 
cycle the stiffness goes towards zero. This is not physically possible, although 
the evaluation of the measured load and curvature reflects the true response of 
the beam. The explanation is that a very small portion of the curvature remains, 
although the load is put to zero as can be seen in Figure 15. In the evaluation 
this leads to very low stiffness values.  
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Figure 15. Load and curvature development in time.  

When plotting the local stiffness for beam R together with global stiffness 
between the supports (800 mm apart), K1 to K5 (320 mm apart) and K3 to K5 
(160 mm apart), the difference is not significant as seen in Figure 18. The same 
behaviour is seen for other specimens. This suggests that global monitoring 
might be sufficient in order to study the stiffness for members in this range of 
size.
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Figure 16. Surface strain captured from speckle inferometry, crack widths and 
crack pattern after failure.  
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Figure 17. Stiffness development during failure load test of beam R.  
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Figure 18. Local and global stiffness for beam R.  

Global (800 mm) and local stiffness together with tensile steel reinforcement is 
presented in Figure 19. It can be concluded from the results that local and 
global bending stiffness is equal at un-cracked conditions (stage 1), and that the 
stiffness decreases significantly to a load of approximately 100 kN 
(approximately 4 times the cracking load). SLS and ULS loading can be 
estimated by finding the load where stage 3 becomes stage 4, hence where 
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inelastic stresses are formed. A summary of important results is presented in 
Table 4. The failure for all beams was crushing of concrete in combination 
with yielding of the tensile steel reinforcement. In the ULS it can be seen that 
the strengthening increases the ultimate load with 40%. This ratio was slightly 
smaller for beams PS and PLS, 26% and 23% respectively. All strengthened 
beams showed an increased stiffness. The local stiffness was increased 
between 22% and 33%, whilst the global was increased between 32% and 67%. 
Comparisons between theory and tests are presented in Table 5. Although there 
are noticeable differences, the agreement is considered good. The theoretical 
bending stiffness is calculated by multiplying the moment of inertia with 
respective material stiffness given in Table 3.
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Figure 19. Global and local bending stiffness together with strain in the bottom 
tensile steel reinforcement.  
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Table 4. Summarized test results.

 ULS SLS 

 Failure 
load, FU

[kN] 

Ratio
FU/FU,R

[-] 

Failure
mode 

Local
stiffness
[ 1012

Nmm2]

Ratio EI/EIR
@160 kN 

Global
stiffness
[ 1012

Nmm2]

Ratio EI/EIR
@160 kN 

EIL/EIG
[-] 

R 337 1.00 Y/C* 9.15 1.00 9.20 1.00 0.99 

S 473 1.40 Y/C 11.25 1.23 12.68 1.65 0.89 

PL 425 1.26 Y/C 11.17 1.22 10.24 1.32 1.09 

PLS 413 1.23 Y/C 12.19 1.33 12.87 1.67 0.95 

* Y/C – Yielding of the tensile steel reinforcement followed by crushing of 
concrete.

Table 5. Comparison between theory and test in terms of bending stiffness.  

 Theory Test Comparison, theory / test 

 Un-cracked 
stiffness

[ 1012 Nmm2]

Cracked stiffness
[ 1012 Nmm2]

Un-cracked
stiffness

[ 1012 Nmm2]

Cracked
stiffness

@160 kN  

[ 1012 Nmm2]

Un-cracked
stiffness

Cracked
stiffness

   Global Local Global Local Global Local Global Local 

R 22.0 10.3 24.0 23.0 9.2 9.2 0.92 0.96 1.12 1.12 

S 23.4 13.1 27.0 24.0 12.5 11.0 0.87 0.98 1.05 1.19 

PS 22.5 12.9 - - 10.5 11.0 - - 1.23 1.17 

PLS 24.7 13.3 - - 12.7 12.0 - - 1.05 1.11 

DISCUSSION AND CONCLUSIONS

It is believed that monitoring of the bending stiffness in Structural Health 
Monitoring (SHM) applications can be useful. From this study it has been 
shown that it is possible to measure the degree of cracking and also the 
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strengthening effect. The strengthening effect of beams S, PS and PLS were 
captured both in SLS and ULS using stiffness measurements. The 
strengthening effect was in the order of 22 to 67% in the SLS and 23 to 40% in 
the ULS. Four phases are distinguished during loading of an RC beam; (I) un-
cracked, (II) crack forming, (III) crack stabilising, and (IV) yielding phase. 
There are also obvious similarities between the test results and the concept of 
effective moment of inertia described in Branson (1977). Cracking of an RC 
beam has traditionally been considered to be an instantaneous event, although 
the result presented in this paper indicates that the effect of cracking is 
noticeable up to four times the cracking moment. Phase II is for example 
neglected in Eurocode. The gradual transition from phase I to III is believed to 
depend on the nature of concrete cracking, which itself is not instantaneous due 
to the softening behaviour of the concrete. This might be especially interesting 
in the SLS, where crack widths, deformations, fatigue and vibrations are of 
importance. It is further shown that it is possible to predict the highest load at 
which a beam has been exposed to by looking at the stiffness development 
during one of the loading cycles. A stiffness plateau is formed at the load at 
which pre-cracking has earlier been reached.

Linear elastic theory is considered to give good agreement between test results 
and theory in phase I, II and III. In un-cracked conditions the agreement is 
better than in cracked conditions. In cracked conditions the theoretical stiffness 
is overestimated in average by 13%. This might depend on the fact that the 
monitored moment of inertia is captured at the defined SLS load of 160 kN. 
From this point the inertia reduces slightly more before phase IV is reached. At 
yielding of steel or crushing of concrete (phase IV) linear elastic theory will 
not be sufficient in the analysis. However, the stiffness reduces significantly in 
phase IV even though linear elastic theory is employed, which anyhow gives 
an obvious sign of failure.

The relation between local and global stiffness depends mainly on where the 
local strain gauges are located in respect to surrounding cracks. If the gauge is 
located precisely at a crack the local stiffness is smaller than the global. 
Oppositely, if the local gauge is located in between two cracks the local 
stiffness is larger than the global. Tension stiffening might in addition affect 
the relation between local and global stiffness, but it is difficult to make any 
distinct conclusions regarding this based on the results presented in this paper. 
From this study it is difficult to say anything about the pre-cracking effect or 
loading during strengthening.



25

REFERENCES

BBK04 (2004). Boverkets handbok om betongkonstruktioner. ISBN 
9171478167, p. 272.

Beeby, A.W. and Narayanan, R.S. (1995). Designer´s handbook to Eurocode 
2, part 1.1: Design of concrete structures. ISBN: 0 7277 1668 9.

EC2-2 (1996). Eurocode 2. Design of concrete structures, Part 2: Concrete 
bridges. ENV 1992-2. CEN, Comité Européen de Normalisation, Central 
Secretariat: rue de Stassart 36, B-1050 Brussels.

Elfgren, L. and Noghabai, K. (2001). Bond properties of reinforcement bars 
embedded in concrete. A RILEM Round Robin investigation arranged by TC 
147-FMB Fracture mechanics to anchorage and bond’. Research report 
2001:13, Luleå University of Technology, Division of Structural Engineering, 
244 pp. ISBN 91-89580-01-x.

Eligehausen, R., Bigaj, A., Mayer, U., and Sanchez, F.J., Contribution No. 4 
in Elfgren and Noghabai (2001) – Tests and analyses with 16 mm bars.  

Hillerborg A., Modeer, M. and Petersson, P.E. (1976). Analysis of crack 
formation and Crack growth in concrete by means of fracture mechanics and 
finite elements”. Cement and Concrete Research 6, pp. 773-782.  

Svanbro, A. 2004. Speckle interferometry and correlation applied to large-
displacement fields. Doctoral thesis 2004:05, Luleå University of Technology, 
Division of Experimental Mechanics.  





Paper D 
Structural Safety during Service Life 
regarding Ductile and Brittle Failures 

by
Tech Lic Markus Bergström and Dr Anders Carolin 

Submitted in August 2008 to Journal of Structure and Infrastructure 
Engineering





1

Structural Safety during Service Life regarding Ductile 
and Brittle Failures 
M. Bergström* and A. Carolin

Department of Civil and Environmental Engineering, Luleå University of Technology, 
Luleå, Sweden 

* Corresponding author. Email: markus.bergstrom@ltu.se 

Abstract
The safety of a structural member changes due to degradation, accidents or raised 

demands and should be reviewed on more occasions than just during the design phase. 

An important aspect is to guarantee that the safety is satisfactory even during repair 

when the structure is possibly weakened by removal of damaged components or 

materials. In this paper different failure modes and their probability are studied for a 

typical reinforced concrete beam. The safety during a typical structural life cycle of a 

structure is studied. The probabilistic analysis performed shows that the structural 

safety is changed during the structural life cycle. It has also been found that brittle 

failure modes can be the most probable during some stages. In the study presented in 

this paper the safety is overestimated if the model uncertainty is neglected. 

Keywords: Life cycle, probability, model uncertainty, strengthening, FRP.  

1 Introduction

The safety of a structure is what it is, regardless of how it is evaluated. Also, the 

definition of safety can be discussed without changing the performance of the real 

structure. The challenge is to determine it. Furthermore it is of importance to realize 

that analytical models will not exactly represent the actual response of the structure 

due to assumptions and simplifications in the model, or possibly the lack of 

knowledge of complex mechanisms. This paper gives a generic perspective of the 

possibilities and challenges when assessing existing concrete structures using 

probabilistic analysis.  

mailto:bergstrom@ltu.se
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Probabilistic methods could be used to assess whether the existing structure provides 

desired probability of failure. This is useful if the demands are raised or the structure 

is deteriorating. Most of today’s design codes are indirectly based on probabilistic 

methods by using partial coefficients, i.e. Eurocode and the Swedish design code 

BBK04. Three safety classes are defined In BBK04, SC1 to SC3. The appropriate 

level depends on the severity of human injury in the case of a structural collapse. For 

structural elements which are likely to cause harm to man if they collapse must be 

designed in SC3 with an annual probability of failure at a maximum of 10-6. This 

failure probability corresponds to a -index equal to 4.75. The -index is the distance 

from origo to the design point along the failure surface in a coordinate system defined 

as in (figure 1). The -index concept is a generally accepted way of expressing failure 

probability of a structure.  

Structures, less likely to cause human harm are allowed to be designed in SC1 with an 

annual probability of failure of 10-4 ( -index 3.72). For example, a small shed or 

structures where humans are rarely present are designed in SC1, but a pillar supporting 

an overlaying floor in a hospital or school must be designed in safety class 3. For 

structures in SC2, between SC1 and SC3, the annual probability of failure should be 

10-5 or less ( -index 4.26 or higher).  

The safety of a structural member may change due to degradation, accidents or raised 

demands. As the performance of the structure changes during the service life, the 

prevention of collapse or exceeding the serviceability limit requirements is something 

which should be investigated on more occasions than simply during the design phase. 

This is because of the necessity of assuring that degradation does not affect the safety 

to such extent that the structure collapses or has to be taken out of service without 

having the possibility of performing more cost effective procedures, such as repair and 

strengthening. Another important aspect is to guarantee that the safety is high enough 

even during repair when the structure is possibly weakened by removal of damaged 

components or materials. If the safety is too low during some part of the service life, it 

has to be improved. This could be done by decreasing the load, or decreasing the load 
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effect by supplying extra support to the structure. However, if the aim is to avoid such 

actions the rehabilitation and upgrading process could be made more cost effective 

and more practical.  

Figure 1. -index is the distance from origo to the design point along the failure 
surface.

One important part when assessing existing structures, by means of analytical 

calculations, is to identify the difference between the model output and the actual 

response of the structure. The difference between those is known as the model 

uncertainty, MU, denoted i in the following. A general analytical model can be 

described as a functional relation of the type  

1 2, ,... nY f X X X  (1) 

The model function f (..) is usually not complete and exact, so that the outcome Y

cannot be predicted without error, even if the values of all random basic variables are 

known. The real outcome Y’ can formally be written down as  

1 1,... , ...n nY f X X  (2) 
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The variables i are referred to as parameters which contain the model uncertainties 

and are treated as stochastic variables. The model uncertainties account for effects that 

are neglected in the models and simplifications in the mathematical relations.  

Ideally, model uncertainties should be obtained from a set of representative laboratory 

experiments and measurements on real structures where all values of Xi are measured 

or controlled. In those cases a model uncertainty has the nature of an intrinsic 

uncertainty. The most common way of introducing the model uncertainty into the 

calculation model is as follows 

1 1... nY f X X  (3) 

or

1 1... nY f X X  (4) 

or a combination of both. The former is used in this study. JCSS (Joint Committee of 

Structural Safety) has provided recommendations for practice regarding MU for 

bending and shear models respectively. For bending the MU, B, is normally 

distributed with an average value of 1.2 and a standard deviation of 0.15. The MU for 

shear, S, is also normally distributed with an average value of 1.4 and a standard 

deviation of 0.25. This suggests that shear models are in general less precise in 

predicting the true shear response of a structure than bending models predict bending 

behaviour. For reinforced concrete beams strengthened in shear using CFRP the MU

was found by Sas et al. (2008) from around 1200 tests to have an average value of 1.4 

and a standard deviation of 1.3. This result was obtained by calculating the average 

value and standard deviation of the ratio between the experimental and theoretical 

failure load for the presented tests. The study incorporated six models in total and 

there was a big difference in agreement in between the models. The average value for 

an individual model varied from 0.8 to 3, and the standard deviation from 0.44 to 2.1. 

Poor models can be penalized if taking the MU into account and precise models 

should be promoted.  
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Another important aspect when considering different failure modes is that brittle 

failures can be given a lower probability of occurrence than a ductile failure. This 

makes the structure safer in terms of giving signals of a possible failure before it 

occurs. Hence, it is of importance to assess the most likely failure mode for a structure, 

and also other less probable failure modes if the difference is small. Different failure 

modes and their likelihood are studied in this paper for a typical reinforced concrete 

beam.  

2 Method 

A probabilistic analysis is performed at five different phases during the structural life 

cycle on a reinforced concrete beam. The acting load is equal to two point loads, F,

with average value 56.5 kN located as shown in (figure 2). This load situation 

produces an average shear force of 56.5 kN and a bending moment of 56.5 kNm. 

Simiu et al. (2001) suggests that the extreme load effect parameter could be based on 

the Gumbel distribution since this has been proven to represent the annual maximum 

of an extreme load effect. The coefficient of variance of the load is set to 15%. This 

gives a stochastic load described as 56.5,8.48F G . This load is kept constant 

throughout the life cycle. This is motivated by the fact that the structure is kept in 

service during the entire time.

The life cycle has five phases, 1 through 5. The first phase is where the structure is 

intact. In phase 2 the structure is degraded by means of corrosion of the tensile steel 

reinforcement. The definition of degradation is generally a process which decreases 

the performance of the structure. Corrosion of the tensile steel is applied in this 

analysis. In a generic perspective the definition of degradation applies no matter what 

the cause is. In the third phase, the concrete surrounding the steel attacked by 

corrosion is removed and the steel itself is cleaned from corrosion products. In phase 4 

the tensile steel is re-embedded in a repair mortar, which is now the new cover for the 

steel. The fifth phase of the life cycle is when strengthening is applied. For a real 
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bridge this last step is only undertaken when the performance is not satisfactory. The 

described life cycle has been performed experimentally in full scale (Bergström et al., 

2007). One conclusion from that study was that the load carrying capacity is changed 

during the life cycle and that a probability analysis would be necessary to predict the 

safety.  

The calculation is done with and without MU for all stages in the life cycle. The result 

is a probability of failure in each case for every phase and shows also the most likely 

failure mode. The effects of earlier phases in the life cycle are continuously taken into 

consideration when doing analysis in a later phase. For example, degradation, removal 

of damaged concrete, and re-casting of cover concrete are all accounted for in the 

analysis of the strengthened beam.  

Figure 2. Beam specimen with reinforcement and strengthening scheme.  

The beam on which the analysis is based is seen in figure 2 with mean values on 

geometry and materials as follows. It is 3.6 meters long with a span length of 3 meters. 

The cross section is 350 180 mm with six 16 mm bars as tensile bending 

reinforcement and two 16 mm bars in compression. The effective height is 292 mm 

and the distance from the upper part to the compression reinforcement is 38 mm. The 

shear reinforcement is 8 mm stirrups with a spacing of 200 mm. The concrete has a 

compressive and tensile strength of 55 and 2.4 MPa respectively. The steel 

reinforcement has a yield stress of 500 MPa and a Young´s modulus of 200 GPa. 
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CFRP rods (StoFRP Bar M10C ) with a Young´s modulus and tensile strength 

provided by the manufacturer of 250 GPa and 2500 MPa respectively are used for 

strengthening in phase five. This beam specimen resembles a real structure, although it 

has been scaled down to make it possible to test in a laboratory. Any models to 

describe bending and shear can be used, and will more or less give the same results. 

To increase the understanding only one model for each failure mode has been used in 

this paper. Other failure modes could also be considered. Real structures are subjected 

to different life cycles and the one chosen in this research is just one example that can 

be considered the most common. What is of major interest is to find the actual safety 

of the existing structure in any point in time.  

The equation for calculating the moment capacity of the un-strengthened beam, M1, is

1 1

1
1

1

..
3

..
3

s
s s

s sy

s

x d xA d
d x

M E
xA d

 (5) 

The height of the compressed zone, x1, found in the equation above is calculated as 

1

2
2

2

..

2..

s
s s

s s
s s s s s

x A A
b

A A d A dA
b b

 (6) 

Equation (1) and (2) are derived from moment and force equilibrium of the cross 

section under the assumption that yielding occurs in the tensile steel reinforcement. 

Bernoulli´s hypothesis, claiming that plain cross sections remain plain after 

deformation, is applied to express the strain distribution in the cross section. Hooke´s 

law is then utilized to transform the strains to stresses. Full composite action is in 

addition assumed in the interface between two materials.  

The moment capacity of the strengthened beam, M2, was derived under the same 

assumptions in Täljsten (2006) to be 
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 (7) 

The height of the compressed zone, x2, is calculated by solving the second degree 

equation

2
1 2 2 2 3 0C x C x C  (8) 

The constants C1, C2 and C3 are calculated as 

1

2 0

3

cc

s y s y cu u f f

cu f f

C f b
C A f A f E A
C E A h

 (9) 

The addition model from BBK04, using the truss model for steel stirrups, is used to 

assess the shear capacity of the beam. The addition principle says that the concrete and 

steel contributions are added together to give the resulting shear capacity.  

R C SV V V  (10) 

The concrete contribution is calculated by multiplying the cross section area with a 

formal shear strength of the concrete, fv.

C vV bhf  (11) 

fv depends on the tensile strength of the concrete, but also on the tensile reinforcement 

content, . Dowel action is accounted for empirically by increasing the formal shear 

strength up to 2% of tensile reinforcement content. The reason is that the shear crack 

is held together by the tensile reinforcement which produces shear stresses in the 

interface between the two crack surfaces and hence contributes to the shear capacity. fv

is calculated as  

0.30 1 50v ctf f  (12) 

where  is dependent on the effective height according to 
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1.4 for 0.2
1.6 for 0.2 0.5
1.3 0.4 for 0.5 1.0
0.9 for 1.0

d m
d d m

d d m
d m

 (13) 

In the truss model, compression forces in the concrete are in equilibrium with tensile 

forces in the steel stirrups. The direction of the compression force is perpendicular to 

the shear crack. The tensile force in the steel stirrup is found by solving the 

equilibrium equations in the artificial joint between the compression strut and the steel 

stirrup. This gives the equation for the steel contribution 

,0.9s s s yV dA f s  (14) 

The effect in the analysis of the second phase is that the cross section area of the 

tensile steel is reduced. The extent of the steel area reduction is 60 mm2, or 5%. The 

effective height is reduced in phase 3 to 280 mm when the lower level of steel bars is 

moved 24 mm towards the cross section gravity centre. The height of the concrete is 

also reduced to 250 mm when the damaged concrete is removed slightly above the 

level of the inner layer tensile steel (Bergström, 2007). After removing concrete the 

new surface is likely very rough. A possible shear crack will find the weakest location 

along the shear span, which suggests that the height of the concrete is chosen to the 

minimum. In contrast, the flexural reinforcement will be supported where the cross 

section is the highest. Re-casting of the removed concrete brings back the external 

dimensions of the beam, but the effective height of 280 mm remains. Flexural 

strengthening in phase 5 is two 10 10 mm CFRP rods bonded with an epoxy resin 

into 15 15 mm slots sawed in the soffit of the beam. The length of those bars is the 

same as the full length of the beam, 3.6 meters. This increases the bending capacity 

but does not affect the shear capacity compared to phase 4. The beam specimen in 

different phases is shown in (figure 3). An analysis is either done with or without MU

in all five phases. Analysis with model uncertainty is in the following denoted CASE 1,

and analysis without is denoted CASE 2. The MU is chosen from JCSS for bending 
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and shear respectively. However, in phase 3 when the tensile steel is exposed by 

removal of cover concrete, the MU for the shear model is adjusted compared to 

JCSS’s suggestion. The reason for this is that the model is derived under conditions 

where the bottom part of the stirrup is enclosed in concrete, which affects the 

anchorage of the stirrups. In addition, the dowel action could also be affected by this 

operation. In these analyses this is dealt with by adjusting the MU from N(1.4,0.25) to 

N(1.5,0.3). At this moment the magnitude of the change of model uncertainty is not 

verified, which means that it can be both smaller and larger than suggested here.

Figure 3. Beam specimen in the different phases. 

3 Results
In CASE 1 when the load, F, is applied on the intact beam the failure probability 

equals 1 10-6 (SC3) in bending. The results from analysis for CASE 1 and 2 in all 

phases are summarized in table 1 as -index, and failure probability in parenthesis. 

The -index during the service life without and with MU is illustrated in figure 4 and 

figure 5. The bending failure is the crucial failure mode until phase 5, when the beam 
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is strengthened in flexure. The probability of a shear failure is in all phases well below 

what is required in safety class 3. During the phase when the cover concrete is 

removed the probability of a bending failure meets only the requirement of SC2.

In CASE 2 it is seen that the shear safety is significantly decreased throughout the life 

cycle, and that the bending safety is affected to some extent compared to CASE 1.

Shear is crucial in both phase 3 and in phase 5. The overall safety of both failure 

modes is decreased and the requirement in shear during phase 3 only fulfils 

requirements of SC1. These results indicate that the failure probability is on the un-

safe side if not considering the MU.

Figure 4. Bending and shear safety during structural life, CASE 1.  
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Figure 5. Bending and shear safety during structural life, CASE 2. 

4 Analysis

4.1 Probable failure mode 

If a failure indeed occurs it is of interest to analyse whether a brittle failure is likely or 

not. Brittle is here defined as failure without any significant warnings. It is in the 

following assumed that the structure will actually fail, giving a failure probability 

equal to 1. Further, all different failure modes are considered independent of each 

other. When adding the failure probability for all possible failure modes, named from 

1 to n, the result should be 1.  

Doing this on a real structure requires that all possible failure modes are identified. 

Only two are considered in this paper for the studied beam, namely shear and bending. 

Other failure modes which can be identified in a structure are anchorage of steel 

reinforcement and local crushing. The failure modes for a structure strengthened in 

flexure using FRP (Fiber Reinforced Polymers) could be crushing of concrete, fibre 
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rupture or debonding of FRP material. Although FRP materials are linear elastic and 

brittle, these failure modes are generally preceded by large deformations and can in 

this manner be considered ductile. A shear failure is generally more difficult to 

visually foresee than a bending failure. This makes a shear failure less desired than a 

bending failure due to this aspect.  

Table 1. Probability of failure.  

Phase 1 2 3 4 5 
Bending      

CASE 1 4.76
(1 10-6)

4.56
(3 10-6)

4.37
(6 10-6)

4.37
(6 10-6)

5.77
(4 10-9)

CASE 2 4.47
(4 10-6)

4.32
(8 10-6)

4.19
(1 10-5)

4.19
(1 10-5)

5.08
(2 10-7)

Shear      

CASE 1 5.62
(9 10-9)

5.62
(9 10-9)

5.06
(2 10-7)

5.53
(2 10-8)

5.53
(2 10-8)

CASE 2 4.45
(4 10-6)

4.45
(4 10-6)

3.89
(5 10-5)

4.43
(5 10-6)

4.43
(5 10-6)

1 2 ... 1np p p  (15) 

Another important aspect is that although a section analysis explains how the concrete 

beam will fail in bending; the final failure could anyway be related to other causes. 

This is because section analysis alone is not enough as it does not consider all failure 

modes of the strengthening, i.e. peeling failure at the cut off end of FRP, anchorage 

failure in the bond zone, or delamination in the laminate. Models for predicting shear 

and peeling stresses at the end of a FRP laminate have been proposed by Täljsten 

(1997) and Smith and Teng (2001). Intensive research in this area has since increased 

the knowledge further in understanding the debonding mechanisms, i.e. intermediate 

crack (IC) debonding.  

The failure of the un-strengthened beam in phase 1 is expected to be crushing of 

concrete with yielding of compressed steel reinforcement. Debonding of FRP for the 

strengthened beam specimen referred to in this paper is believed a non-relevant failure 
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mode in this case. First of all, the strain in the FRP bar is restricted to 6‰ in the 

calculation to avoid premature failures, such as debonding. NSMR has additionally an 

in-built resistance against peeling stresses due to the vertical edges around the sawed 

slot.

The probability of a shear failure is calculated using equation (16). This approach 

gives an indication of the probability of a shear failure, given that a failure occurs. In 

comparison to this, the probability of a bending failure could be estimated using 

equation (17), or using the results from equation (16) into equation (15). When the 

beam is subjected to the load 56.5,8.48F G the probability of a shear and bending 

failure is pshear and pbending respectively. pf,shear and pf,bending are the probability of a shear 

and bending respectively in the case where failure is given. In the ULS this will give 

the likeliness of a brittle and undesirable failure (shear) mode in comparison to a 

ductile (bending). The results from the calculation are summarized in table 2 and 

illustrated in figure 6 and figure 7.  

,
shear

f shear
shear bending

pp
p p  (16) 

,
bending

f bending
shear bending

p
p

p p  (17) 

Table 2. Probability of a bending failure given that failure occurs. 

Phase
Case 1 2 3 4 5 

1 99.1 99.7 96.8 99.7 16.7 

2 50.0 66.7 16.7 66.7 3.8 

In CASE 1, the as-built structure (phase 1) will most likely fail in bending. To have a 

high ductility at a possible collapse this design seems reasonable. The shear failure is 
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most unlikely throughout the life cycle until the beam is strengthened in flexure. In 

that case the probability of a flexural failure is five times higher. It is hence concluded 

that a brittle shear failure is prominent in phase five when the deteriorated, repaired 

beam is strengthened in flexure. This analysis shows in addition that there is no use in 

strengthening this beam in bending anymore, since the capacity will anyhow be 

restricted to the shear capacity.  

In CASE 2, the failure mode of the intact beam is not obvious, as the probability of 

bending and shear failure is 50% each. In comparison to CASE 1 this analysis suggests 

that a brittle shear failure is as likely as a ductile bending failure, although the 

structure has not changed anything itself. The only difference is that the imperfection 

of the analytical model is considered. In addition, in CASE 2 the failure probability is 

increased both in bending and shear. This makes it even more important to assess the 

actual failure as a structural failure will more likely occur.  

Figure 6. Bending and shear failure probability given that failure occurs in CASE 1.  
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Figure 7. Bending and shear failure probability given that failure occurs in CASE 2. 

The bending capacity decreases during the corrosion phase, which increases the 

likeliness of a bending failure. In this case the probability ratio between bending and 

shear is 2 to 1. Removal of cover concrete affects the shear capacity negatively to a 

larger extent than bending, making the shear failure more likely in phase 3 with a 

probability ratio of 5 to 1. Casting of new cover concrete increases the shear capacity 

and results in a higher probability of a bending failure in phase 4. Finally, flexural 

strengthening increases the flexural capacity to such extent that the shear failure will 

most likely occur in phase 5.  

No matter if MU is regarded or not, the failure of the strengthened beam is likely to be 

in shear. However, during the repair process when cover concrete is removed in CASE

2, the beam is expected to fail in shear. This is in contradiction to CASE 1.

4.2 Sensitivity analysis 

The result from the sensitivity analysis in CASE 1 is given in figure 8. Parameters on 

the resistance side of the failure function are involved in the figure, but parameters 

with 2-values very close to zero are not printed out. The sum of 2-values, including 
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the load S, is 1. In the un-strengthened case, the steel yield stress, fy, followed by the 

effective height, ds, and tensile steel area, As, should not be considered deterministic. 

For the strengthened beam, the beam height, h, should also be considered stochastic in 

addition to the parameters identified for the un-strengthened beam. In this case it 

would be appropriate to make an attempt to decrease the standard deviation by 

measuring the actual steel yield stress from samples taken from the beam. It might 

also be possible to measure the actual effective height by determining the real location 

of the steel reinforcement, although it can be difficult.  

No attempt of decreasing the deviation of the tensile steel area is suggested. This is 

partly because it is difficult, but also due to an already relatively small 2-value for 

this parameter. The parameters h, fcc, Af and Ef are all coupled to the strengthening. fcc

is important because the strengthened beam fails in crushing of concrete. h makes the 

internal lever arm of the strengthening important, together with the material properties, 

Af and Ef.

Figure 8. 2-value distribution on the resistance side of the failure function for 
un-strengthened beam (above), and strengthened (below). 
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5 Conclusions

The probabilistic analysis performed shows that the structural safety is changed during 

the structural life cycle. Leaving the model uncertainty out of this analysis changes the 

analytical safety and should therefore be considered. In the study presented in this 

paper the safety is overestimated if the model uncertainty is neglected, but there might 

be cases with opposite results dependently on the nature of the model uncertainty. 

Shear is the more likely failure mode for the strengthened beam. In addition, the shear 

capacity could be more likely when the cover concrete is removed.  

The overall safety during the life cycle is decreased when considering model 

uncertainty. In addition, the probable failure mode could change to another mode 

when model uncertainty is considered.  
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Appendix 1. Notations and symbols 

Roman letters Description Unit 
Af Cross section area of FRP m2

A´s Cross section area of compressed steel  m2

As,s Cross section area of steel stirrups m2

As Cross section area of tensile steel  m2

b Beam width m 
d´s Distance to compressed steel m 
ds Effective height m 
Ef FRP modulus of elasticity N/m2

Es Steel modulus of elasticity N/m2 (Pa) 
f( ) Model function  
f´( ) Model function including model uncertainties  
f´y Yield stress of compressed steel  N/m2

fcc Concrete compressive strength N/m2

fy Yield stress of tensile steel  N/m2

h Beam height m 
s Distance between steel stirrups m 
x1 Height of compressed zone of un-strengthened beam m 
x2 Height of compressed zone of strengthened beam m 
Xi Basic variable (actions and structural properties)  
Y Response of the structure (analytical)  
Y´ Real response of the structure  
Greek letters 

0.8, constant for describing simplified stress-strain 
curve for concrete. The concrete stress is assumed 
rectangular with height, x, and an average stress of 
fcc at full utilization of concrete in compression.  

-

s Ratio between steel and concrete modulus of 
elasticity  

-

Half of , 0.4. Gravity centre for simplified stress-
strain curve.

cu Ultimate concrete compression strain  - 
sy Steel yield strain, 3.5‰ -
u0 Strain in outer tensile fiber in cross section before 

strengthening 
-

i Model uncertainty  
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ABSTRACT 

The results obtained when performing a load test to failure of an existing structure are 
valuable when assessing calculation models, updating finite element models, and 
investigating the true structural behavior. In this paper a destructive testing and 
monitoring of a railway bridge in Örnsköldsvik, Sweden is presented. In this particular 
test the shear capacity of the concrete girders was of primary interest. However, for 
any reasonable placement of the load (A line load placed transverse to the track 
direction) a bending failure would occur. This problem was solved by strengthening 
for flexure using CFRP (Carbon Fibre Reinforced Polymer) rectangular rods epoxy 
bonded in sawed up slots, e.g.  Near Surface Mounted Reinforcement (NSMR). The 
strengthening was very successful and resulted in a desired shear failure when the 
bridge was loaded to failure. The load carrying capacity in bending for the un-
strengthened and strengthened bridge as well as the shear capacity was predicted with 
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Monte-Carlo simulations. The particular calculation presented showed that there was a 
25% probability of a bending failure instead of a shear failure. Monitoring showed that 
the strengthening reduced the strain in the tensile steel reinforcement by 
approximately 10%, and increased the height of the compressed zone by 100 mm. 
When the shear failure occurred, the utilization of the compression concrete and CFRP 
rods were 100% and 87.5% respectively. This indicates that a bending failure indeed 
was about to occur, even though the final failure was in shear.  

Keywords: Full scale, failure test, ultimate capacity, strengthening.  

INTRODUCTION

General
A failure load test of a full scale railway bridge, the Örnsköldsviks Bridge, was 
performed during the summer of 2006 in the city of Örnsköldsvik, Sweden. The 
Bridge was built in 1955 and has been in service until 2006 when the new high-speed 
railway, the Bothnia Line, replaced the old line. In order to test the bridge’s remaining 
ultimate load carrying capacity after a service period of 50 years, the bridge was tested 
in different stages up to failure. The fundamental objective of the test was to 
determine the actual shear force bearing capacity. The shear- and bending capacity of 
the bridge were investigated by the Swedish Concrete Code BBK 2004 and Eurocode 
2. However, for any practical placement of the load a bending failure would occur 
before the desired shear failure. To avoid this, the bridge was strengthened in flexure 
using 10 x 10 mm square NSMR CFRP rods. The original bending capacity of the 
bridge was estimated to be 4.5 MN for the actual test setup, see Figure 7. To ensure 
that a shear failure would occur, another 5 MN had to be provided by the 
strengthening. The main aim of this paper is to present the structural behavior in 
bending and particularly the strengthening effect. These features are highlighted by 
presenting cross sectional strain distribution, curvature, and also bending stiffness. 
The Bridge was tested both before and after strengthening. A comparison between the 
as-built (un-strengthened) bridge and the strengthened bridge is presented, but only up 
to 3 MN where the test of the as-built structure was aborted before strengthening. 
Furthermore, the change of failure mode, using a probabilistic approach, is also 
discussed in the paper. 

Full-scale failure tests of concrete bridges are sparsely recorded on, most likely 
because of the difficulty of finding test objects and perhaps the amount of equipment 
and also the force required to produce a failure. Several authors, i.e. Bažant & Yu 
(2005) point out the importance of interpreting failure test results of properly scaled 
structures to describe the size effect mathematically for shear in a sufficiently simple 
and practical manner. Although the size effect has been taken into consideration in 
some design codes for some time, the absence of reliable test results of full-scale 
structures has been the problem in proving model agreement.  
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Branson (1977) introduced the concept of effective moment of inertia for reinforced 
concrete elements subjected to bending. An approach where the bending stiffness, EI,
is calculated from test data is presented in this paper. The tested bridge is shown in the 
photo in Figure 1.  

Fig. 1 – The Örnsköldsviks Bridge.  

PROBABILISTIC ANALYSIS

Geometry and materials 

The bridge was a reinforced concrete railway trough bridge with two 12 m spans. The 
bending reinforcement in mid-span consists of 25 25 mm tensile bars or 12272 mm2,
and 8 25 mm bars or 3927 mm2 in compression. The diameter of the shear 
reinforcement is 16 mm and the distance between the stirrups is 150 mm. The 
material properties for the steel reinforcement were evaluated according to EN10020 
(2000). The tensile yield stress of the 25 mm bars was found to 404.0 MPa in 
average with a standard deviation of 10.5 MPa, and 437.0 MPa with a standard 
deviation of 8.5 MPa for the 16 mm bars. The modulus of elasticity for the 25 mm 
and 16 mm bars were 198 and 166 GPa respectively.  

The concrete compressive strength was 68.5 MPa with a standard deviation of 8.0 
MPa. Two values of the concrete tensile strength were derived, one from uniaxial 
tensile tests and one from splitting tests. The uniaxial tensile test gave a tensile 
strength of 2.2 MPa with a standard deviation of 0.5 MPa. The splitting test gave a 
tensile strength of 3.9 MPa and a standard deviation of 0.6 MPa. In the following the 
result from the splitting test is utilized since an underestimated shear capacity will 
possibly lead to an undesired bending failure.  
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The CFRP rods used for strengthening were Sto FRP Bar M10C with a modulus of 
elasticity of 250 GPa, and an ultimate strain at failure of 8000 microstrain, both values 
given by the manufacturer.  

The height and the effective depth of the beams are 1200 mm and 1100 mm, 
respectively. The distance to the compression reinforcement is 100 mm.  Drawings of 
the Bridge are seen in figure 2.

Fig. 2 – Drawings of the Bridge. 

The bridge was designed for an axle load of 250 kN. The maximum shear force is 2.3 
MN whereof 0.7 MN from dead load. The maximum mid span moment is 3.6 MNm, 
whereof 0.8 MNm from dead load. T.  

The bridge was inspected in 2005 before it was decided to carry out the full-scale 
loading test. When the decision had been made the bridge was inspected again, first by 
LTU and later by BAM and COWI. In general it can be said that the bridge was in 
good condition although it had some minor damages on the underside from vehicle 
impacts. The damage appear as pieces of removed cover concrete.  

STRENGTHENING 

The additional bending capacity required a total of 18 CFRP rods, 9 in each beam. The 
rods were bonded with a two component epoxy adhesive, Sto BPE Lim 567 (A+B), in 
sawed 15 15 mm grooves in the cover concrete. The Young´s modulus of the 
adhesive was 7.0 GPa in compression given by the manufacturer. The strengthening 
scheme can be seen in figure 3. Further details about the strengthening design and 
works are found in Enochsson et al. (2007). The bridge was only subject to dead load 
during strengthening.  
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Fig. 3 – Strengthening scheme.  

Failure mode 

It is often difficult to predict the failure load and failure mode for a structure. 
However, in this particular case, since the bridge has been tested, the failure mode is 
already known to be in shear.  

In the following it is assumed that the shear and bending failure are independent of 
each other. A failure test of one particular structure, or a structural component, is 
deterministic in itself. It is however favorable that the prediction of the behavior is 
solved using probabilistic analysis. The reason for this is that material and geometrical 
properties have a certain scatter around what the construction drawings show. By 
choosing appropriate models to calculate the capacity in every possible failure mode, 
i.e. bending, shear etc., it is possible to draw conclusions regarding how the structure 
will fail. The prediction is hence highly dependent on the model accuracy. In bending 
this is not as big a problem as it is in shear. It has been shown that it is a difficult task 
to derive models which appropriately describe the shear capacity, (Sas et al., 2008). In 
a general case for an arbitrary structure it is appropriate that the probability of a 
bending failure is larger than for a shear failure due to the brittleness of the latter. In 
this particular case the conditions should be the opposite to be able to study the shear 
failure. This means that the probability of a shear failure should be larger than for a 
bending failure. The Bridge was loaded to failure which means that the probability of 
a failure, any failure, is by definition 100%.  

The failure mode of the as-built Bridge was analysed by deriving the flexural capacity 
in different failure scenarios. The internal lever arm model was used to assess the 
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bending capacity for the un-strengthened bridge, M1, resulting in equations for each 
scenarios.

Yielding of the tensile steel without crushing or yielding of the compressed steel gives 
the ULS bending moment  

1 3 3
s

s s s s s
x d x xM E A d A d
d x

 (1) 

where sy is the yield strain in the steel reinforcement, s is the ratio between modulus 
of elasticity (MOE) for steel and concrete, hence Es/Ec. The height of the compressed 
zone is calculated as 

2
2

2

2s s s
s s s s s s sx A A A A d A dA

b b b
 (2) 

Crushing of concrete without yielding of the compressed steel gives the ULS moment 

2
s

s c s s s
x d d xM E A x d A d x

x x
 (3) 

where

221 1
2 4s s s s s s sx C A A C A A C d A dA  (4) 

0.8
s c

cc

EC
f b

 (5) 

Crushing of concrete with yielding of the tensile and compressed steel gives the ULS 
moment 

3 y s s y s sM f A x d f A d x  (6) 

where

s y y s

cc

A f f A
x

f b
 (7) 

The failure of the as-built Bridge is concluded to be yielding of the tensile steel 
reinforcement without crushing of the compression concrete or yielding of the 
compression steel reinforcement. This means that there is an excess in the 
compression capacity which can be utilized by applying strengthening in the soffit of 
the beams. The conclusion is based on the fulfillment of boundary conditions, i.e. 
yield strain of concrete and steel.  

For the strengthened bridge it was found that the failure mode is crushing of 
compression concrete with yielding of the compressed steel reinforcement, given that 
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there is no limitation by shear capacity. The equation for calculating the bending 
moment capacity for this failure mode is (Täljsten, 2005) 

2 2 2 0 2s s s s s s cu u f f
h xM A f x d A f d x E A h x

x
 (8) 

where x2 is calculated by solving the second degree equation 
2

1 2 4 2 5 0C x C x C  (9) 

1

4 0

5

cc

s y s y cu u f f

cu f f

C f b
C A f A f E A
C E A h

 (10) 

u0 is the strain in the bottom of the bridge before the strengthening material is applied. 
The strain and stress diagram for a rectangular cross-section in ULS can be seen in 
figure 4.

Fig. 4 - Strain and stress diagram for a cross-section of a rectangular beam in ULS 
(Täljsten, 2005). 

The so-called addition model (BBK2004) is used for calculating the shear capacity 

0.9C S v s yV V V hbf dA f s  (11) 

where VC and VS is the concrete and steel shear capacity contribution respectively. fv is 
the formal shear strength of the concrete and is dependent mainly on the tensile 
strength of concrete and the flexural reinforcement ratio.  

Using these equations with stochastic geometric and material inputs gives the 
possibility of assessing the probability of a bending and shear failure respectively. The 
input parameters are summarized in Table 1. Quantities calculated from the input 
parameters are determined by Monte-Carlo simulations and given in table 2.  
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With the values and distribution of variables the defined failure modes in equations (1) 
and (3) are stable within reasonable limits. For other cases, where flexural behavior 
might change with the values of the parameters, this must be considered in the 
analysis.  

Table 1. Parameter list.
Para-
meter 

Description Unit Distr. 
type 

Mean 
value

C.o.v. Std. 
dev.

Number
of spec.

Comment 

Af CFRP area mm2 Det 900M - - -  

sA Cross section area 
of tensile steel bars 

mm2 N* 12270
M

0.02J 245 -  

sA Cross section area 
of compression 
steel bars 

mm2 N 3927M 0.02J 78 -  

b Width of upper 
slab 

mm N 1423S 0.007 10J -  

sd Distance to 
compression steel 
reinforcement

mm N 100D 0.1 10J -  

Ec MOE of concrete GPa LN** 30S 0.07 2S 6  
Ef MOE of CFRP GPa N 250M 0.0172

)
4.25 20 2) Carolin et 

al. (2004) 
Es,25

mm

MOE of 25 mm 
steel bars 

GPa N 198.3S 0.16 31.5S 6  

Es,16

mm

MOE of 16 mm 
steel bars 

GPa N 165.8S 0.09 14.2S 6  

fcc Compressive 
strength of 
concrete

MPa LN 68.5S 0.12 8S 15  

fct Tensile strength of 
concrete

MPa LN 3.9S 0.15 0.58S 8  

fy,18

mm

Yield strength of 
18 mm steel bars 

MPa N 437S 0.02 8.5S 6  

fy,25

mm

Yield strength of 
25 mm steel bars 

MPa N 404S 0.026 10.5S 6  

h Height of beam mm N 1200D 0.008 10J -  
s Distance between 

two stirrups 
mm N 150D 0.07 103) - 3) Approx. 

cu Concrete ultimate 
strain 

- Det 0.0035
D

- - -  

J – JCSS (2001), S – Data measured or recorded on Site, M - Manufacturer, and D - Documentations and 
drawings.
* - Normal distribution, ** log-normal distribution.  

Distributions for the moment capacity of the as-built bridge (M1), strengthened bridge 
(M2), and the shear capacity (T) were obtained through Monte-Carlo simulations. The 
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average flexural capacity of the un-strengthened and strengthened Bridge is calculated 
to 4.5 and 11.3 MN respectively. The average shear capacity is calculated to 11.2 MN. 
Hence, the strengthening ratio is unusually high. In the un-strengthened scenario it is 
seen from figure 5 that a bending failure would very likely occur before the shear 
failure. In the strengthened scenario, however, the shear capacity and moment capacity 
distributions overlap each other significantly. By calculating the probability that the 
moment capacity is larger than the shear capacity, it is possible to assess if a shear 
failure is likely enough. In this case, the probability that a bending failure would occur 
for the strengthened structure, given that a failure indeed occurs, is 25%. The 
probability of a shear failure is hence three times larger than for an un-desired bending 
failure, or 75%. This is considered as a small difference, especially when considering 
that model uncertainty is not taken into account. Applying more strengthening 
material would increase the probability ratio between the studied failure modes. 
However, at the time of design a deterministic approach was used which did not 
consider the different probabilities for failure. 

Table 2. Calculated stochastic parameters.  
Para-
meter 

Description Unit Distr. 
type 

Mean 
value

C.o.v. Std. 
dev.

Comment 

x1 Height of 
compression zone 
of un-strengthened 
beam 

mm N 291C 0.07 20.7C  Accord. to 
eqn. (2) 

x2 Height of 
compression zone 
of strengthened 
beam 

mm N 128C 0.07 9C  Accord. to 
eqn. (4) 

M1 Flexural capacity 
of as-built Bridge 

MN N 4.5 0.20 0.88  Accord. to 
eqn. (1) 

M2 Flexural capacity 
of strengthened 
Bridge

MN N 11.3 0.06 0.73  Accord. to 
eqn. (3) 

V Shear capacity of 
Bridge

MN N 11.2 0.08 0.88  Accord. to 
eqn. (6) 

The actual failure load of the bridge is also given in figure 5. It is concluded that the 
actual failure load and the average value of T is in close proximity, indicating that the 
analytical model gives relevant results for this particular bridge. Further conclusions 
regarding model uncertainty etc. would require that several different bridges be tested 
to failure.
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Fig. 5 – Distributions for shear and bending moment capacity.  

MONITORING

Monitoring system 

An extensive monitoring scheme was carried out during testing. In this paper only 
monitoring and results related to the strengthening are reported. The monitoring 
system consisted of strain gauges bonded to concrete, welded to steel (compression as 
well as tensile) and bonded to the CFRP rods. Mid-span displacement was monitored 
using one laser displacement gauge on the east and west beam respectively.  

The location of each sensor is described using a 3D coordinate system created by a 
vertical position together with two horizontal axes, one parallel and one perpendicular 
to the rail direction. The vertical position is given by one out of three lines (T-top, M-
middle or B-bottom). The position parallel to the rail direction is described by one out 
of eight section lines (1 to 8) according to figure 6, and the position perpendicular to 
the rail direction is given by one out of three lines (E-east, M-middle or W-west line). 
An illustration of the sensor locations on the bridge is given in figure 6.  

The largest moment arises in section 4. Hence focus is placed on the sensor readings 
in this section. The LVDTs (Linear Variable Displacement Transducers) DlB3-50W, 
DlB4W and DlB5+50W were used in order to calculate the global curvature in mid-
span.
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Fig. 6 – Sensor locations on the Bridge.  

Loading procedure 

The load was applied by placing a beam reaching over the bridge deck and fastened by 
cables anchored 9 meters into the bedrock 6 meters below the ground surface. Two 
1000 ton hydraulic jacks provided the force.  

In the first test (T0) the bridge trough slab was loaded by applying the load onto the 
ballast, see figure 7. The load path is through the ballast and down directly to the 
trough slab. This was done to check the distribution of loads through the ballast and 
the load-carrying capacity of the slab. This is the most realistic load case for a passing 
train. This first test, T0, served as a preloading of the loading equipment to reduce 
initial displacement and to get an indication of the practical procedure for the 
following tests. However, this first test is not evaluated in this paper since the focus is 
placed on the beams. The trough slab test was followed by two beam tests, one on the 
4th of July (T1) before strengthening and one on the 10th of July (T2) after 
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strengthening and up to failure. The bonding procedure was carried out during the 4th,
5th and 6th of July. Consequently the adhesive was cured at least four days prior to 
testing. The ambient curing temperature was 17 °C with a relative humidity of 
approximately 65 %. The load during the beam tests was applied as a line load on the 
beams, also shown in figure 7. During T1, the bridge was loaded up to approximately 
3.0 MN when cracks were noticed in the beams. During T2, the bridge now 
strengthened by means of NSMR CFRP was loaded to failure at 11.7 MN.  

Fig. 7 – Cross section of loading setup.  

RESULTS

General

The test of the trough slab, T0, ended at about 2.0 MN, at which the cracking load of 
the slab was reached. T1 was aborted at 3.0 MN and T2 was aborted when the bridge 
failed in shear at 11.7 MN. The identical test setup in between T1 and T2 makes this 
comparison interesting, although it is only possible up to 3.0 MN.  

Mid-span strain readings (figure 8) show that the tensile steel reaches yielding at 
around 8.0 MN. As the tensile steel does not carry any higher load after yielding and 
the CFRP rods experience an increase in the strain increment rate from 8.0 MN and 
on.

From cross sectional strain distribution just before, under, and just after the maximum 
load (denoted M in the figure) of 11.7 MN  it is suggested that concrete crushing 
occurs due to the fact that a decreasing strain in the compression concrete is obtained 
from 11.4 MN and thereafter. This can be seen in figure 9, where the cross sectional 
strain is presented for the east beam.  
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Fig. 8 – Strains in section 4 of the east beam.  

Fig. 9 - Strain distribution in section 4 of the east beam before, during, and after 
maximum load (M).

The cut-off end of the CFRP rod is in the negative moment region. This results in 
negative strains and shear stresses in this area. The shear stress reaches 10.0 MPa at 
11.7 MN, and is considered very high. This value is based on strain readings at 0, 50 
and 100 mm from the cut-off end of the CFRP rod.  No debonding was noticed until 
the final shear failure, and then as a secondary failure. No slip between the rod and the 
concrete was noticed or measured in the midsection. Even though some slip could be 
noticed at the end of the loading close to the cut-off end of the rod. In figure 9 it can 
be noticed that the strain curves are not linear over the cross section. There are two 
main reasons for this; firstly the bridge needs a deflection before the rod becomes 
active. Secondly, at load levels around 8.0 MN the steel starts to yield and the 
measured strain level is very dependent on the location of the strain sensor in relation 
to cracks. It can thus be concluded from the test that the bond between the CFRP rod 
and concrete is very good. Strain readings in section 7 are presented in figure 10. The 
results indicate, together with figure 11, that there was some slip between the CFRP 
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rod and the concrete. At the end of the rod, at very high load levels, close to failure, 
fishbone cracking was noticed in the concrete close to the end of the CFRP rods 
(figure 12).

Fig. 10 - Strains in section 7 (end of CFRP rod) of the east beam.  

Fig. 11 - Strain distribution in section 7 (end of CFRP rod) of the east beam.  

Fig. 12 - Fishbone cracking at the cut-off end of one CFRP rod.  
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ANALYSIS

Strengthening effect 

The strengthening effects are shown by change of strain in the tensile steel 
reinforcement during loading before and after strengthening, and also the change of 
the cross sectional strain distribution at 3.0 MN. All strain data is load-induced and 
does not include strains associated with dead load. In addition, the strengthening effect 
will also be evaluated based on bending stiffness in a part of the loaded span. Notice 
that a comparison is possible only up to 3.0 MN as the load test of the un-strengthened 
bridge was aborted at that load level.  

Plotting the strain in the tensile steel in mid-span indicates that the strain is reduced 
around 20% (see figure 13).  

Fig. 13 - Strain in the east beam (gauge StB4E).  

Figure 14 presents the cross sectional strain distribution in mid-span of the east beam. 
The NSMR CFRP rods provided a decreased strain in the tensile steel reinforcement 
of around 20% as well as an increased compressed zone in the concrete at around 100 
mm. Slip between the concrete and CFRP rod was noticed in the cross section. This 
was concluded because that the strain in the CFRP rod in the studied cross section is 
less than the linear extension of the strains between the compressed concrete and 
tensile steel. This tendency is seen in both the east and west bridge beams. One 
possible explanation for this slip is that the adhesive develops some shear deformation 
when the CFRP rods start to take a part of the load.   
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Fig. 14 - Strain distribution at 3 MN for east beam in mid-span.  

Mid-span displacement using laser gauges provided indistinct results. There is a 
scatter in the results, but also large interruptions in the graphs. It is however seen that 
the bridge behaves more stiffly in test 0 than in both test 1 and test 2 (figure 15). The 
reason for this is most likely that the bridge was un-cracked at the first loading, 
loading 0. However, the placement of the load during load test 0 might also have 
caused up-lift of the flanges.  

Fig. 15 - Mid-span displacement.  

The governing differential equation for determining the bending stiffness, EI, at small 
deflections of elastic beams is

M MEI
w

 (12) 

M is the acting bending moment; w is the deflection and  is the curvature of the beam 
element. The local curvature, L, is calculated by assuming that plane cross sections 
remain plane, and thereby calculating the slope of the strain distribution curve as 
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c t
L D

 (13) 

where c is the strain obtained from the strain sensor attached in the compressed part 
of the cross section, and t from the tensile part. D is the vertical distance between the 
two sensors. The equation for global curvature radius, RG, is derived using Pythagoras’ 

theorem on a triangle with side lengths; RG- ,
2
L , and RG.  is the difference in 

deflection in the studied span measured on each beam by LVDTs DlB3-50W, DlB4W, 
and DlB5+50W respectively. By inversing this equation the curvature is expressed. 
The global curvature, G, is calculated by equation (14).  

2
2

1 2

4

G
G LR

 (14) 

where L is the distance in between sensors DlB3-50W and DlB5+50W.  

When calculating the bending stiffness the bending moment has to be determined. 
This is not trivial as the restraint in the supports is unknown. At moderate loads a 
100% restraint should be a viable assumption. However, as cracking progresses near 
and above the support structure the restraint will most likely decrease (the boundary 
condition expressing that the rotational angle is zero is not any more fulfilled). A 
relation between the restraint and load level should therefore be useful for calculating 
the true bending stiffness throughout the loading procedure. To solve the problem in 
this case a back calculation from the real test was performed. Finding the moment 
capacity by the measurements and back calculating the restraint level due to the 
applied point load made it possible to estimate the restraint level in the supports. The 
restraint level is close to 50% at the failure load and is used in the calculations. The 
change in bending stiffness during test 1 and 2 of the west and east beam is seen in 
figure 16 and figure 17 respectively. Local and global stiffness is presented for test T1
and test T2.

Fig. 16 - Zoomed comparison between test 1 and 2 (left), bending stiffness until 
failure (right).
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Fig. 17 - Zoomed comparison view between test 1 and 2 (left), bending stiffness until 
failure (right).

For the west beam the following is stated. The agreement between global and local 
stiffness is surprisingly high. At low loads the stiffness is very high and is explained 
by the fact that the curvature is close to zero and therefore also the denominator of 
equation 12. As the load increases a plateau is noticed between 2 and 4 MN at around 
the level of the analytically determined stiffness, 14.4 GNm2, in un-cracked conditions. 
The stiffness decreases more or less linearly from 4 MN and on as cracking of 
concrete and local slip between steel and concrete increases. The analytical bending 
stiffness of the cracked cross section is calculated to be 3.9 GNm2, and this is reached 
at 9 MN. At the load level 9 MN it can also be observed, see figure 8, that the NSM 
CFRP rods experience a sudden increase of the strain increment rate at increased 
loading. This suggests that the steel has started to yield.  

The strengthening effect would in this case be expressed as an increased bending 
stiffness in the comparison between T1 and T2. The bending stiffness in west and east 
beams is concluded to be higher for T2 than in T1, although this is more pronounced 
for the east beam.  

DISCUSSION

The flexural strengthening was providing enough bending capacity to force a shear 
failure to occur. The actual failure load (11.7 MN) was slightly higher than the 
theoretical bending capacity (11.3 MN), and very close to the theoretical shear 
capacity (11.2 MN). In the previous the bending and shear capacities are recalculated 
to the applied load at mid-span. These capacities could be compared with a load of a 
passing train equal to approximately 1 MN (four axles each 250 kN).  

The probabilistic evaluation has however shown that the probability of a bending 
failure is theoretically around 25%. The strain reduction in the compression concrete 
in mid-span, when approaching the maximum load, indicates that the concrete is 



19

possibly crushing. This means that the concrete is utilized to a very high degree. 
Further, yielding of the tensile reinforcement (100% utilization), and the 7000 
microstrain in the monitored CFRP rod (87.5% utilization) verifies that a bending 
failure was close to occurring. In addition, the strain produced by the dead weight of 
the bridge is not captured in the measurements, which makes the actual strain slightly 
higher than the measured value. The dead weight of the bridge itself and the ballast is 
approximated to an evenly distributed load of 37.5 kN/m. If assuming support 
conditions as previous (50% restraint), the dead load produces a bending moment of 
900 kNm, and an additional strain in the compressed concrete and tensile reinforcing 
steel of 180 and 500 micro strains respectively. At the failure this corresponds to 
around 6 to 7 % of the recorded strain. The dead load does of course not affect the 
NSMR bar.

The Bridge was designed for a shear force equal to 2.3 MN and a bending moment of 
3.6 MNm. The actual shear capacity (11.7/2 = 5.9 MN) is hence 63% higher than the 
design shear force.

CONCLUSIONS

Based on strain readings it could be verified that the strengthened bridge was very 
close to fail in bending. This would in that case be crushing of the concrete with 
yielding of both the tensile and the compressed steel reinforcement. However, a 
flexural failure was preceeded by a shear failure. After failure, breakage of the steel 
stirrups could clearly be seen. The failure load was significantly higher than the design 
load.

It is further concluded that it is possible to verify strengthening effects from global and 
local bending stiffness calculated by the relation between the bending moment, M, and 
the curvature, . One challenge is that the curvature is close to zero at moderate load 
levels, another is that the initial curvature is unknown, and finally that the bending 
moment is difficult to determine due to a complex support behaviour. It was also 
concluded that the bending stiffness reduced continuously during the load test. The 
results also indicate that it might be possible to identify when the bridge is in the pure 
un-cracked and cracked stage respectively by comparison of the analytically 
determined bending stiffness. This study gives however only signals of using bending 
stiffness as a performance index, and calls for further studies.  

Furthermore, the probabilistic analysis is a very useful tool when estimating the load 
carrying capacity of both non-strengthened and strengthened bridges. Unfortunately, 
this was not done before strengthening, which would have probably lead to adding 
more CFRP rods to increase the probability of the shear failure.  
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