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SUMMARY 
 
Due to lack of space on the ground in urban areas there is an increased need for underground 
constructions. These constructions are often situated at shallow depth. By a better 
understanding of the mechanical properties and the state of stress in the shallow parts of the 
bedrock it may possible to determine which factors that are of importance at a specific 
construction site. 
 
The objective of this report is to identify and describe relevant factors that influence the 
behaviour and the stability of shallow seated tunnels. This pilot study consists of a literature 
review that contains studies of the mechanics and design of shallow seated tunnels and some 
case studies and introductory conceptual numerical analyses. These analyses include a 
sensitivity analysis to establish a reference model that will be used in further work as well as a 
preliminary study of a few chosen factors, namely the effect of the overburden and horizontal 
stress. 
 
The first analysis showed that the tangential stress in the tunnel roof increased with decreased 
overburden, as long as the overburden is not damaged. However, the horizontal stress at the 
ground surface decreased with decreasing overburden. This is probably due to an increasing 
heave of the overburden with a decreasing thickness. This was shown by examining the 
vertical displacements of the tunnel roof.  
 
The modelling of different stress situations showed that heaving of the overburden was 
strongly dependant on the horizontal stress. Furthermore, an increasing horizontal-to-vertical 
stress ratio induced tensile stresses at the ground surface, as well as heaving. 
 
The preliminary studies showed that numerical analyses can be a powerful tool when studying 
the effect of different factors on the performance of shallow seated tunnels.  
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1 INTRODUCTION 
 
1.1 Shallow seated tunnels 
 
There is a tendency of increased use of the underground space for railroads, roads, sewers, 
telecommunication and high voltage cables. These constructions are in many cases situated in 
urban areas and at shallow depth. Increased environmental demands have resulted in an 
increased use of conventional tunnelling technique at shallow depths and a decreased use of 
the so called cut and cover technique. Examples of tunnelling projects in urban areas in 
Sweden are Arlandabanan, Södra Länken in Stockholm, Götatunneln in Göteborg and 
Citytunneln in Malmö. 
 
The mechanical properties and the state of stress in the shallow parts of the earth’s crust are 
much more sensitive to anomalies in the rock mass than at depth. This makes it harder to 
estimate and measure these properties. Since it has been common to make excavations at 
relatively shallow depth, it is important to increase the understanding of the specific problems 
and the important factors governing the performance of such constructions in order to 
improve the design. 
 
Many factors influence the behaviour and the stability of shallow underground constructions. 
Some factors, among others are the depth at which the excavation is located, the topography 
of the surface, the reduction of strength and stiffness of the rock mass caused by weathering, 
geological structures (forming wedges and blocks or structures that are continuous and gently 
dipping which can lead to large destressed volumes of rock), damage from blasting, loads 
from buildings at the ground surface and the state of stress in the shallow parts of the 
bedrock. 
 
Since the stress magnitude at shallow depth often is low around the excavation, the risk of 
destressing of the rock mass in the vicinity of the excavation is large. This implies that 
gravitational sliding of wedges and blocks are the most probable stability problem. If the 
overburden is heavily weathered and consequently has a low strength, even a low absolute 
stress magnitude may induce failure and stability problems. 
 
The excavation at shallow depth can lead to subsidence on the surface and thereby damage to 
buildings in the area. It is very important to minimize the subsidence in urban areas. The load 
induced in the rock mass by external loads from buildings above the excavation can also 
affect the excavation in an unfavourable way. The optimum dimension of the underground 
opening has a large economical and technical importance. For example, if a bearing arch is 
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formed, in some cases it may not be necessary to redistribute the load from overlying 
buildings. The need for reinforcements and the choice of excavation method is also affected 
by the behaviour of the rock mass around the tunnel. Some pertinent questions are:  

-  How accurately must virgin state of stress be known to be able to perform feasible 
realistic analyses? 

- How are the results from a stability analysis affected by the precision/uncertainty of 
other properties like strength, stiffness, geological variations, blast damage, and loads 
from buildings on the ground surface? 

- How are the results from an analysis of magnitude and location of subsidence affected 
by the precision/uncertainty of properties like strength, stiffness, geological variations, 
blast damage and load from buildings on the ground surface? 

- In what way will the uncertainty of the virgin state of stress, stiffness, strength, and the 
other factors affect the design of tunnels and rock caverns and the reinforcement of 
these? 

- Are detailed geomechanical models of the rock mass necessary? What degree of 
details is necessary?  

- How should the pre-investigations be conducted to decrease the total costs of a 
project? What parameters need to be determined with most precision – Young’s 
modulus, stress and/or strength and their variations with consideration of the position 
in the rock mass, etc? 

 
1.2 Objective and scope of report 
 
This report summarizes a pilot study for a larger research project that will result in a licentiate 
thesis. The objective of this report is to identify and describe the main factors that influence 
the behaviour and stability of shallow seated tunnels and excavations. The first part of the 
pilot project is a literature study that deals with shallow tunnelling. It contains studies of the 
state of stress, the distribution of strength and stiffness with respect to geographical location 
and depth, and the influence of large geological structures on the stability and deformations. 
 
Some introductory conceptual numerical analyses are presented in the second part of this 
report. They include a sensitivity analysis to establish a reference model that will be used in 
further work. Furthermore, a preliminary study of a few chosen factors by means of numerical 
analyses of conceptual models is presented. This study will lead to a first indication of the 
sensitivity for the chosen factors. 
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In this report, studies of tunnelling in soil or heavily fragmented rock are not dealt with. The 
most common rock type in Sweden is crystalline hard rock and this report will therefore only 
deal with jointed hard rock. 
 
1.3 Outline of report 
 
Following the introduction, Chapter 2 will deal with the mechanics of shallow seated tunnels. 
The first part of the Chapter will enlighten the reader of the virgin state of stress at shallow 
depths and the cause of stresses in the earth’s crust. The virgin state of stress is an important 
factor for civil and mining engineering. The second half of the chapter describes the induced 
state of stress at shallow depths, for example how the shape of the tunnel or how the 
topography will influence the stress distribution around the tunnel. 
 
Chapter 3 is dedicated to design of the tunnels at shallow depths. The first part is about 
analysis of stresses and deformations. It includes the theories of analytical and numerical 
analyses. The following part deals with the theories of stability analyses followed by a 
presentation of empirically derived classifications systems used for designing tunnels and 
reinforcement. 
 
Case studies can be an invaluable source of information. In Chapter 4 two international cases 
are presented followed five cases from Sweden. 
 
In Chapter 5, the conceptual numerical analyses are presented and finally, in Chapter 6, 
conclusions and recommendations for future work are presented. 
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2 MECHANICS OF SHALLOW SEATED TUNNELS 
 
2.1 Virgin stresses at shallow depth 
 
2.1.1 Introduction 
 
The stresses that exist in the rock mass are related to the weight of the overburden but also to 
its geological history. Knowledge of the in situ state of stress in a rock mass is important in 
civil and mining engineering.  The stress magnitudes in the rock mass generally increase with 
depth. Consequently, stress-related problems such as failure due to high stress magnitude also 
increase with depth. However, construction of excavations at shallow depth may also be 
challenging, either because of high horizontal stresses or due to the lack of horizontal stresses 
(Amadei and Stephansson, 1997). 
 
Rock stress can be divided into virgin stress and induced stress. The virgin (or in situ) stresses 
are those existing before any artificial disturbance, while induced stresses are created by 
artificial disturbances like excavation and drilling or induced by changes in natural conditions 
like drying and swelling. Amadei and Stephansson (1997) proposed a terminology of stresses, 
illustrated in Figure 2.1. 
 

 
Figure 2.1 Stress terminology modified after Amadei and Stephansson (1997). 
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2.1.2 Gravitational stresses 
 
The virgin state of stress is normally described with one vertical stress and two horizontal 
stresses that are denoted σv, σh and σH. The vertical principal stress is usually a result of the 
weight of overburden per unit area above a specific point in the rock mass and is normally 
assumed to be a function of depth and is defined as 
 

gzv ρσ =       (2.1) 

 
where ρ is the density of the rock mass (kg/m3), g is the gravity acceleration (m/s2), and z is 
the depth below ground surface (m). 
 
The horizontal component due to gravitational loads depends on the rock mass properties. If 
the material can be considered linear-elastic and isotropic and a one-dimensional state of 
strain is assumed, the average horizontal stress is defined by for example Amadei and 
Stephansson (1997) as  
 

vH σ
ν

νσ
−

=
1

      (2.2) 

 
where ν is Poisson’s ratio ranging from 0.15 to 0.35 for most rock types, with a common 
value of 0.25. 
 
If the rock cannot be considered to be elastic, which would imply that the rock cannot resist 
shear stresses in a long term perspective (i.e., creep due to viscosity will occur), the 
magnitude of the horizontal component will after some time be equal to the vertical 
component. This is called a hydrostatic or lithostatic stress field. This means that the 
horizontal component due to gravitational factors can be expressed as 
 

vH kσσ =       (2.3) 
 
where k is a factor that varies from 0 to 1 depending on restraints on displacement.  
 
2.1.3 Anisotropy 
 
Earlier discussions assumed that the rock mass is isotropic, but this is seldom true on a larger 
scale. Anisotropy is common in rock and can be a result of bedding, stratification, schistosity 
planes, or jointing. Amadei et al. (1987) studied the stress field in an anisotropic rock mass 
under gravitational loading assuming a one dimensional state of strain, and a homogeneous, 
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linearly elastic rock mass that was either orthotropic or transversely isotropic. A transversely 
isotropic material is a material that has different properties in two directions, i.e., there are 
isotropic planes, while an orthotropic material has different properties in all three directions, 
i.e. there are three orthogonal planes of elastic symmetry, as shown in Figure 2.2.  
 

 
 
Figure 2.2 Model of a) transverse isotropy and b) orthotropy. 
 
When an orthotropic rock mass is influenced by gravitational loading, it induces unequal 
principal stresses in the horizontal plane. Furthermore, σx and σy are strongly dependent on 
the degree of anisotropy. For some ranges of the anisotropic rock properties the horizontal 
stresses can exceed the vertical stresses, something that is not possible in the isotropic 
solution (Amadei et al., 1987). 
 
Loading of a system containing a stiff inclusion will generate high stresses while a soft 
inclusion will generate lower stresses. An associated consequence of the difference in the 
elastic modulii of the host rock and the inclusion will be the existence of high stress gradients 
in the vicinity of the inclusion and the inclusion itself will be a subject to a relatively 
homogeneous state of stress (Brown and Windsor, 1990). 
 
Another form of difference in elastic constants is anisotropy in which the values of 
deformation modulus and Posson’s ratio may vary with direction of a homogeneous rock 
mass. Anisotropy can influence both the magnitude and orientation of local principal in situ 
stresses and should not be ignored in the evaluation of stress measurement data (Amadei, 
1983). 
 

a) b) 

σx = σy 

σy = σx 

σx  

σy 

σz σz 
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2.1.4 Tectonic stresses 
 
The theory of plate tectonics describes the crust of the earth as being made of a number of 
large plates. The interaction of the plates with each other and with the earth’s mantel results in 
boundary forces between the plates (that either drives or opposes the plates). Two groups of 
forces are responsible for the tectonic stresses shown in Figure 2.3, namely broad-scale 
tectonic forces and local tectonic stresses. The broad-scale tectonic forces are forces acting in 
lithospheric plate boundaries such as shear tractions at the base of the lithosphere, slab pull at 
subduction zones, ridge push from oceanic ridges and trench suction. Local tectonic stresses 
are related to bending of the lithosphere due to surface loads, isostatic compensation and 
downbending of oceanic lithosphere. The tectonic stresses are constant in areas where the 
length and width are several times the thickness of the elastic part of the lithosphere, Zoback 
et al. (1989). In Scandinavia it is principally the driving forces from the accretion zone (the 
Mid-Atlantic ridge) that contributes to the horizontal stresses. 
 
The tectonic forces will give a constant contribution which means that there will exist a 
horizontal stress that is non-zero at ground level and that the stress will increase with the 
depth due to the gravitational stresses. 
 

 

 
Figure 2.3 Processes that give rise to tectonic stresses, Zoback et al. (1989). 
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2.1.5 Effect of erosion and melting of the inland ice 
 
The crust has been loaded by land ice, layers of sedimentary rock and sediments, all of them 
several kilometres thick. The crust has been deformed plastically from the load of these layers 
and adjusted to the present state of stress. When the rock and the sediments erode and when 
the ice melts the vertical and horizontal stresses decrease.  
 
Under the assumption that the earth’s crust and the primary rock behave elastically during 
stress-relief, the vertical stresses decrease with the load of the removed material per unit area 
while the horizontal stresses reduce according to the following relation 
 

vh σ
ν

νσ ∆
−

=∆
1

     (2.4) 

 
where 
 

zgv ∆=∆ ρσ ,      (2.5) 
 
∆z is the thickness of the removed material, ρ is the density of the removed material and ν is 
Poisson’s ratio. The relation between the horizontal and vertical stresses after erosion can thus 
be represented by the following relation 
 









−
−∆+=

ν
ν

1
)( 00 K

z
zKzK     (2.6) 

 
where K0 is the relation between the horizontal and vertical stresses before the erosion started 
(Goodman, 1989). The relation does not consider the melting of land ice since the ice and the 
bedrock has different densities. Erosion and melting of land ice results in an increase of σH 
relatively σv, i.e. an increase of K(z). 
 
2.1.6 Residual stresses 
 
Residual stresses are generally related to inhomogeneous physical or chemical processes in a 
limited part of a material volume, like inhomogeneous cooling of the rock mass or 
homogeneous cooling of rock sequences with different values on the thermal expansion 
coefficient. These processes cause local internal or “locked in” stresses. Hyett et al. (1986) 
defined residual stresses as “the stress state remaining in the rock mass, even after the 
originating mechanism(s) has ceased to operate”. Local mineralogical alterations in the rock 
and changes in water content in the mineral aggregate are other factors that can cause residual 
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stresses. The presence of residual stresses and strains leads to the existence of internal residual 
strain energy which can be critical for the stability of underground excavations in rock. 
According to Varnes (1970), residual stresses are believed to be partly responsible for 
phenomena such as rock bursts, rock surface spalling and sheet jointing. The residual stresses 
will probably be more significant at shallow depths where they comprise a larger part of the 
total stress magnitude than at larger depths.  
 
2.1.7 Weathering, topography and geological structures 
 
The radiation from the sun heats up the earth’s crust. This results in that the crust is exposed 
for processes where temperature fluctuations, water and gases of the atmosphere interact and 
cause mechanical and chemical breakdown of the rock, this is called weathering. Normally 
weathering is divided into three groups; physical, chemical and biotic weathering (Loberg, 
1993). 
 
If the rock mass is weathered it will have a decreased strength and stiffness and can not attract 
the same amount of stresses. The stresses will probably be redistributed from the ground 
surface downward where the rock mass has not been affected by the weathering to the same 
degree. This means that the state of stress at shallow depths where the rock mass has been 
weathered might be destressed or very close to being destressed. 
 
An irregular topography affects the magnitude and direction of the virgin stresses, see Figure 
2.4. The influence of the topography is large near the surface and will decrease with depth and 
a rough estimation can be obtained by examining hills and valleys with compressive 
respectively tension loads on a flat surface. The stresses that arise when a half space is loaded 
with a uniformly distributed or a linear varying load can be solved through integration of the 
solution of a linear load. 

 
Figure 2.4  The affect of the topography on the primary stresses. 
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By adding the virgin stresses of a flat surface and the stresses that arise from hills and valleys 
an estimation of the effect of the topography on the state of stress is obtained, see Figure 2.5. 
 

 
Figure 2.5 The effect of the primary stresses due to an irregular topography can be 

estimated by replacing hills and valleys with linear varying loads. 
 
Rock masses are rarely uniform and variations in geology and the existence of geologic 
structures and heterogeneities may affect the distribution and magnitude of in situ stresses and 
contribute to the scatter often observed in field measurements (Fairhurst, 1986). Hudson and 
Cooling (1988) identified three cases depending on the relative stiffness of the material in the 
discontinuity versus the material in the surrounding rock; (1) if the discontinuity is open, the 
major principal stress is diverted parallel to the discontinuity, (2) if the discontinuity have 
similar properties as the surrounding rock, the principal stresses are unaffected, and (3) if the 
material of the discontinuity is rigid, the major principal stress is diverted perpendicular to the 
discontinuity. Geological structures are significant for the state of stress at shallow depths. An 
open discontinuity above a tunnel can lead to a destressed zone in the roof so that a bearing 
arch above the tunnel cannot be formed. 
 
2.1.8 State of stress in Scandinavia 
 
Stress measurements by hydraulic fracturing in Scandinavia analyzed by linear regression of 
the principal horizontal stress versus depth using hydraulic fracturing techniques have shown 
that the principal stresses roughly can be described as, 
 

zH 04.08.2 +=σ  [MPa]     (2.7) 
 

zh 024.02.2 +=σ  [MPa]     (2.8) 
 
where σH is the maximum horizontal stress, σh is the minimum horizontal stress and z is the 
depth in the range of 0 – 1000 m (Stephansson 1993), see Figure 2.6a. Furthermore, all 
measurements performed with the overcoring technique in Sweden have been analyzed by 

a)                                                                       b) 
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Stephansson (1993). Regression analysis of the major, intermediate and minor principal 
stresses versus depth resulted in the following relations 
 

z037.08.101 +=σ  [MPa]     (2.9) 
 

z029.01.52 +=σ  [MPa]     (2.10) 
 

z020.08.03 +=σ  [MPa]     (2.11) 
 
where z is the depth ranging from 0 -1000 m, see Figure 2.6b. 
 
The state of stress at shallow depth is often complex and seldom measured and reported. This 
means that stress measurements reported in the literature often are from a depth greater than 
50 m and the stresses for the shallower parts of the bedrock often are estimated by 
extrapolation.  
 
The material properties of a rock mass are highly variable parameters, and since in situ 
stresses depend on boundary loadings and the mechanical properties of the rock mass 
considered, the in situ stresses are very complex. According to Leijon (1989) the random 
measuring error in the data obtained with overcoring corresponds to a standard deviation of 
±2 MPa in the average normal stress. Considering that the stresses may be around the same 
magnitude as the error near the surface it is obvious that the uncertainty in the measured 
stresses at shallow depths is great.  
 
The undisturbed state of stress at shallow depth is much more sensitive to factors like 
weathering, irregular topography, residual stresses, erosion and melting of land ice than at 
greater depth. At shallow depth irregular topography may alter both the stress directions and 
the stress magnitude, weathering may reduce the already low stresses, geological structures 
may create large destressed blocks and zones and residual stresses can create large anomalies 
in the state of stress. 
 
The ratio between the horizontal and the vertical stresses are probably larger than at greater 
depths. This is partly because the tectonic stresses at shallow depths represent a larger part of 
the total state of stress than the gravitational stresses. Furthermore, the fact that erosion and 
melting of the land ice affects the ratio at shallow depths more contribute to a higher 
horizontal to vertical stress ratio. 
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Hydralic fracturing 
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Figure 2.6 The principal stresses versus depth compiled by Stephansson (1993) from a) 

results from overcoring and b) results from hydraulic fracturing. 
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2.2 Induced stresses at shallow depth 
 
When a tunnel is excavated, the rock that is left around the open space has to carry more load 
since the support from the rock that earlier existed in the now excavated cavity has been 
removed. The redistributed stresses are called secondary or induced stresses.  
If the horizontal stresses are assumed to be greater than the vertical stresses, the redistributed 
stresses will form major principal stress trajectories that will have the shape as shown in 
Figure 2.7. 
 
2.2.1 Shape of tunnel 
 
The low stress levels at shallow depths are particularly critical if the shape of the tunnel is 
badly designed, which could lead to unnecessary low stress levels in the tunnel roof. 
Streamlined sections in the direction of the major principal virgin stress are preferred to 
minimize the risk of a destressed roof, while a tunnel section with a flat roof will redistribute 
the stresses away from the tunnel boundary into the rock, see Figure 2.7. 
 

 
 
Figure 2.7 Stress trajectories around a) an arched roof and b) a flat roof. 
 
The virgin horizontal stress is considerably greater than the virgin vertical stress at shallow 
depth in Scandinavia. This can lead to destressed tunnel walls. A rounded tunnel shape will 
decrease the risk of destressed tunnel walls. 
 
A lower overburden does in most cases mean lower stresses around the tunnel and the risk of 
slip along pre-existing geological structures and fallouts in the roof and walls of the 
excavation increases. A low overburden could also mean that concentrations of horizontal 
stresses can occur above the excavation, leading to stress-induced failure. 

  

a) b) 
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2.2.2 Weathering, topography and geological structures 
 
If the overburden is weathered and has decreased strength and stiffness, the horizontal stress 
trajectories will most likely be redistributed from the ground surface and be concentrated 
beneath the tunnel instead of in the tunnel roof. This leads to a destressed tunnel roof, see 
Figure 2.8. 

 
Figure 2.8 The stress situation for a shallow seated tunnel in weathered rock, a) the stress 

trajectories and b) the distribution of the virgin horizontal stresses. 
 
As discussed earlier, an irregular topography affects the magnitude and direction of the virgin 
stresses. For example, a valley above a tunnel may result in stress concentrations above the 
tunnel, which can lead to stress induced failure in the roof of the tunnel, see Figure 2.9. A hill 
above the tunnel may lead to larger vertical stresses and unchanged horizontal stresses than 
before. An irregular topography can also lead to an extremely low overburden. 
 

 
Figure 2.9 The stress trajectories of a tunnel beneath a valley. 
 
Geological structures like a destressed block in form of a nappe or an open discontinuity can 
create a stress shadow and if larger volumes are isolated it can lead to large volumes of 
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Weathered rock 

Firm rock 

b)



16 

 

destressed rock, see Figure 2.10. These areas of destressed rock are very sensitive for 
gravitational fallouts of blocks and wedges. 
 

 
 

Figure 2.10  Geological structures that can lead to large volumes of destressed rock, a) a 
destressed block in form of a nappe, b) an open discontinuity. 

 
2.2.3 Loading from foundations 
 
The stresses in the rock caused by a load at the ground surface can be derived using linear 
elastic theory and the solution by Boussinesq (1883) for a point load applied to a semi-infinite 
body. A number of solutions for different loading situations are presented in the rock 
mechanics literature for isotropic as well as anisotropic rock masses (see for instance Poulos 
and Davis, 1974, and Gaziev and Erlikhman, 1971). A case with a uniformly distributed load 
with finite width in the plane is presented in Figure 2.11.  

Destressed block 

Firm rock 
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Figure 2.11 A uniformly distributed load with finite width in the plane (see for instance, 

Poulos and Davis, 1974). 
 
The effect of the load located on the ground surface on the stability of shallow seated 
underground excavations depends on whether a bearing arch can form above the roof of the 
tunnel or not. The effect of the boundary load on the stability of the tunnel and subsidence of 
the ground surface, therefore, decreases with increasing virgin horizontal stress. 
 
2.2.4 Damaged rock around the tunnel 
 
The stability of an underground structure is very much dependent on the integrity of the rock 
immediately surrounding the excavation. Gravity driven fallouts from the roof of the tunnel is 
especially related to the interlocking of the blocks formed in the roof. Blast damage from 
careless blasting can extend several meters into the rock mass and the zone of loosened rock 
can lead to instability problems in the rock surrounding the excavation, especially in shallow 
seated tunnels where the overburden is limited. 
 
When excavating a tunnel, the rock in the immediate surrounding of the tunnel will have, in 
addition to the naturally existing cracks and joints, cracks that are caused by blasting and re-
distribution of stresses. These new cracks and joints will probably mean that the stiffness and 
the strength of the affected rock will decrease which suggests that the ability to attract stresses 
will also be reduced, see Figure 2.12.  
 

(x,z) 
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Figure 2.12 The stress and the strength for damage caused by the excavation. 
 
The excavation damaged zone at the Underground Research Laboratory (URL) in Canada was 
estimated by Martino (2002) through seismic and permeability measurements. The 
measurements were made on two tunnels at different depths (240 and 420 m). Both tunnels 
showed similar patterns of excavation damage, with both tunnels having increased damage 
immediately surrounding the tunnels. The most highly damaged inner zone (defined as the 
zone where sharp changes in the rock mass properties and visible cracks have occurred) was 
relatively narrow, 0.1 to 0.3 m in width. A less damaged outer zone (defined as the zone 
where gradual changes in the rock mass properties have occurred), where the measured values 
return towards background values, surrounds the inner zone. In the tunnel located at a depth 
of 240 m, the outer zone was smaller than for the tunnel located at a depth of 420 m. The 
difference is believed to be caused by the difference in the magnitude of the in situ stresses 
surrounding the two tunnels, which increases the damage around the deeper tunnel. Martino 
(2002) assumed that, for the tunnel at greater depth the damage is caused by both the blasting 
and the altered stress conditions while the damage for the shallower tunnel is only caused by 
blasting since the stress level is relatively low. The total damaged zone around the shallower 
tunnel varies between 0.2 and 0.5 m.  
 
The typical background S-wave velocity for the upper tunnel was 3200 m/s, with a decrease 
of 400 m/s in the inner damaged zone. The background velocity of the P-wave around the 
same tunnel was 5400-5600 m/s and decreases from 400 – 1300 m/s in the inner damaged 
zone. The reductions in the seismic velocities would correspond to a reduction of 35 – 40% in 
Young’s modulus (if the density is assumed to be constant).  
 
Tests were also performed at the Äspö HRL int Sweden by Emsley et al. (1997) to estimate 
the damage and disturbance caused by tunnel excavation. Several seismic techniques where 

σc = ? 

Blast damage  
E = ? 
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used to measure the rock properties in the damaged zone. All seismic methods showed a 
significant decrease in velocity close to the tunnel excavated by drilling and blasting. The 
zone with reduced velocities was 0.3 m up to 1 m occasionally. 
 
2.3 Failure modes and failure mechanisms 
 
The rock mass has a complex behaviour due to the existence of natural discontinuities. The 
mechanical behaviour of the rock mass, therefore, depends on the mechanical behaviour of 
the different elements like blocks, joints and their orientations 
 
Depending on the induced state of stress around the excavation different kinds of stability 
problems can occur.  
 
Stability problems in jointed rock masses with low stress magnitudes are generally associated 
with gravity driven fallouts of wedges and blocks from the roof and sidewalls. This failure 
process is controlled by the three-dimensional geometry of the tunnel and the rock structure 
(Hoek and Brown, 1980). There must exist at least three joint surfaces that separate the wedge 
from the surrounding rock mass to form a wedge in an excavation, see Figure 2.13.  

 
Figure 2.13  Gravity driven wedges and blocks that can form in the tunnel roof and wall. 
 
Stress concentrations above the tunnel due to, for example, irregular topography could cause 
stress induced failures. If the rock contains few joints and is brittle, spalling, and in extreme 
cases, rock bursts might occur.  
 
For intermediate stress conditions, a bearing arch can be formed but the stresses may not be 
large enough for stress induced failure to occur. In Table 2.1 failure mechanisms for different 
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stress magnitudes in shallow tunnelling are listed. This report focuses on low to intermediate 
stresses. 
 
Table 2.1 Failure mechanisms for different states of stress in shallow tunneling.  
 
Low stresses and jointed 
rock 

Intermediate stresses High stresses, few joints 
and brittle rock 

- Fallouts of wedges and 
blocks 

- Beam failure 
- Ravelling  
 

Stresses are enough for a 
bearing arch to form. 
Probably the most common 
and normally stable stress 
condition for shallow seated 
tunnels. 

- Stress induced failure 
- Spalling 
- Rock burst 
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3 DESIGN OF TUNNELS AT SHALLOW DEPTH 
 
This chapter covers both design methods and tools for designing tunnels. Design methods 
include methods for calculation of stresses and/or deformations around excavations, analysis 
of stability and design of rock support. Design tools include ground reaction curve and 
empirical design tools based on classification. 
 
3.1 Stress and deformation analysis 
 
3.1.1 Analytical stress analysis 
 
General closed form solutions for tunnels with circular cross-section at shallow depth were 
presented by Mindlin (1939, 1948). The solutions presented gave the expressions for the 
tangential stresses at the boundary of the circular opening and at the free surface. Mindlin 
presented solutions for the following loading cases 
 

a) a tunnel at shallow depth in a uniaxial state of virgin stress, Figure 3.1 (1948), 
b) a tunnel excavated in a rock mass with a gravitational virgin stress state (1939). 

 
The solutions are, however, very complex and the tangential stress is expressed in terms of 
inifinite series and is therefore not presented here. Numerical values of the ratio between the 
tangential stress and the virgin stress in four points, three at the tunnel boundary and one at 
the free boundary, are presented for solution a) in Figure 3.2. 
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Figure 3.1 A tunnel at shallow depth in a uniaxial state of virgin stress. 
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Figure 3.2 Tangential stress as a function of the distance between the centre of the tunnel 

and the free surface.  
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In 1939 Mindlin presented a solution for the tangential stress at the boundary of a tunnel with 
circular cross section excavated in a rock mass with a gravitational state of stress. He 
considered three different cases, see Figure 3.3, 
- hydrostatic state of stress  
- uniaxial state of strain  
- no horizontal restraints, that is, no stresses in the horizontal direction. 
 
No numerical examples are presented here. If the solutions for the loading cases presented in 
Figure 3.3 are combined, solutions for other kind of virgin stress states can be obtained. 
Although the solutions are complex, they may still be used practically to calculate the 
tangential stresses around a circular opening. Closed-form solutions for other cross-sections 
have not been found in the literature. 
 

Figure 3.3 Three cases considered by Mindlin (1939) a) hydrostatic state of stress, b) 
uniaxial state of strain and c) no horizontal restraints, that is, no stresses in the 
horizontal direction 
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3.1.2 Numerical methods 
 
The rock mass comprising the Earth’s upper crust is a discrete system and even though 
analytical methods may be useful for evaluating the effect of many factors, closed-form 
solutions do not exist for all geometries. Numerical methods must, therefore, be used for 
solving practical problems. Even though the results obtained by numerical analyses are not 
exact, the accuracy is sufficient for practical design applications, in particular when 
considering other uncertainties of the rock mass. Due to differences in the underlying material 
assumptions, different numerical methods have been developed for continuous and 
discontinuous problems, see Table 3.1 (Jing, 2003). 
 
Table 3.1 Different numerical methods, after Jing (2003). 
 
Continuous methods Discontinuous methods 
The finite difference method (FDM) The discrete element method (DEM) 
The finite element method (FEM) The discrete fracture network method (DFN) 
The boundary element method (BEM)  
 
A continuum approach is relevant for intact rock conditions as well as for cases when the 
discontinuities are so pervasive and closely spaced relative to the size of the problem domain 
that the rock mass can be represented as a continuum with equivalent rock mass properties, 
see Figure 3.4 and Figure 3.5. This can be a rock mass property as well as a scale effect. If the 
rock mass contains either few joints or a large number of closely spaced joints in several 
directions, the behaviour will be more or less continuous. If, for a given rock mass, the 
opening of interest is small or large (with the joint oriented in all directions) compared to the 
spacing of the joints the behaviour can also be expected to be continuous.  
 
A discontinuum problem is, for example, when the rock mass of interest consists of a number 
of discrete, interacting blocks. The intact rock and the discontinuities are described separately; 
see Figure 3.4, Figure 3.5, and Table 3.2. In these models the rock mass movements are 
described with deformation of the intact rock, slips along joint surfaces, separation, and 
rotation.  
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Figure 3.4 Examples of continuous and discontinuous rock masses (Edelbro, 2003). 
 
Table 3.2 Application area for numerical modelling, modified after Bergman et al., 

(1988). 
 

Continuum models Discontinuum models 
Treats the rock mass as an 
equivalent mass. 

Separates intact rock and 
discontinuities. 

Continuum mechanics for 
calculation of deformations. 

Separate slop and relation 
mechanics. 

 
The continuum approach assumes linear elastic behaviour. The result of such analyses can be 
expressed in terms of stresses, infinitesimal strains and displacements. When the load on the 
rock exceeds the strength or yield limit, linear elastic behaviour will no longer give relevant 
stresses and deformations. Constitutive models simulating plastic behaviour can then be used. 
Because plastic deformations means permanent displacement changes within the material, 
plastic strains cannot be defined uniquely in terms of the current state of stress. Plastic strain 
depends on the loading history so the theory of plasticity must use an incremental loading 
approach in which incremental deformations are summed to obtain the total plastic 
deformation.  
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Figure 3.5 Analysis of a tunnel with one pervasive discontinuity with a) a continuum 

model and b) a discontinuum model (Bergman et al., 1988). 
 
The continuum methods can also be divided into groups depending on the way the problem is 
solved. There are mainly two different approaches, the boundary element approach and the 
finite element/finite difference approach. In the boundary element method, all boundaries are 
discretised. The result is the exact solution on the boundary to the used discretisation of the 
problem. Finer elements will give a result which better represents the solution of the original 
problem. The boundary element method has limitations. The use of different material 
behaviour in different parts of a model is often not possible. Plastic models are not always 
available. For the group of methods based on finite element and finite difference formulations, 
the whole model is discretised, i.e., all material. The size of the elements with respect to the 
scale of the problem is crucial for the accuracy of the results. All kinds of constitutive models, 
such as elastic, plastic, isotropic and anisotropic, are generally available for these methods.  
 
The numerical methods and programs used for the study of shallow seated tunnels must have 
the ability to consider the ground surface and to model the factors of interest. Continuous 
models will be used to study the behaviour of a closely jointed rock mass, the effect of 
weathering of the rock mass, and the damaged zone around the tunnel. The discontinuous 
models must be used in order to be able to study the effect of individual large- and small-scale 
discontinuities. Both types of models should also have the ability to model a varying 
topography, different virgin states of stress, different overburden and, loading applied to the 
ground surface. Since the stresses may exceed the strength in some cases the models should 
also be able to simulate non-elastic behaviour.  
 

a) 
 
 
 
 
 
 
b) 
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3.2 Stability analysis 
 
3.2.1 Assessing failure mode 
 
Modes of structurally controlled failure can be analysed by the means of the stereographic 
projections technique. By drawing the great circles of the main joint planes onto a stereonet, 
which is a stereographic projection of a set of reference planes and lines within a hemisphere, 
one can detect eventual existing wedges (Goodman, 1989). 
 
For a wedge to form in the roof of a tunnel, at least three joint planes must exist that separates 
the wedge from the rock mass. This will be visible on the stereonet by the great circles of 
three joint planes intersecting each other and form a closed figure, see Figure 3.6a. If this 
closed figure surrounds the centre point of the stereonet it will be a gravity driven fallout 
(Hoek and Brown, 1980) see Figure 3.6a.  
 
If the great circles of the joint planes form a closed figure but does not surround the centre 
point of the stereonet, failure can only occur by sliding on one of the joint surfaces or along 
one of the lines of intersection (Hoek and Brown, 1980). This condition is represented 
stereographically by the three great circles falling to one side of the centre of the net as 
illustrated in Figure 3.6b. An additional condition which must be satisfied for sliding of the 
wedge to occur is that the plane or the line of intersection along which sliding is to occur 
should be steeper than the angle of friction φ. This condition is satisfied if at least a part of the 
intersection figure falls within a circle that is represented by the angle of friction in the 
stereonet. 
 
 



28 

 

 
Figure 3.6 Conditions for a) gravity fall of roof wedges and b) sliding failure of roof 

wedges, Hoek and Brown (1980).  
 
When the entire intersection figure falls outside the friction circle the gravitational weight of 
the wedge is not high enough to overcome the frictional resistance of the planes on which 
sliding would take place. Under these conditions the wedge is stable against sliding. 
 
Failure of wedges can occur in the sidewalls of an excavation much in the same way as in the 
roof except that falls are not possible and all sidewall failures involve sliding on a plane or 
along the line of an intersection of two planes, Hoek and Brown (1980).  
 
The wedge analysis using hemispherical projection is a method that only consider if the 
kinematic conditions for a block/wedge are such that that sliding can occur. It also considers 
if the sliding resistance is greater or less than the driving force, under the assumptions that the 
joint strength is purely frictional. This methodology can, however, be very conservative, since 
a small contribution from the stresses in the vicinity of the opening to the normal stresses 
acting on a joint, may increase the stability considerably. 
 
3.2.2 Wedge failure 
 
While stereographic projections may locate (not geographically) and to some extent decide 
whether the wedge is stable or not, there are also methods to calculate the safety factor against 
wedge failure. The factor of safety and an estimation of the weight of the formed wedges can 
be obtained through an analysis with, for example, the program UNWEDGE (Hoek et al., 
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1995). The calculation used to determine the wedges assumes that the discontinuities are 
ubiquitous, in other words that the wedges can occur anywhere in the rock mass. Furthermore, 
the program assumes that the joints, bedding planes and other structural features included in 
the analysis are planar and continuous. This means that the program will always detect the 
largest wedges, which can seem conservative since the size of the wedges will be limited by 
the persistence and spacing of the structural features. Although, the program will allow 
wedges to be scaled down to more realistic sizes if wanted. By typing in the density of the 
rock, the friction angle and the cohesion of the joints the safety factor against wedge failure 
for the different wedges is obtained. 
 
3.2.3 Compressed arch action - Voussoir Beam Theory 
 
Since the absolute stress magnitudes at shallow depth are generally low, the stability of the 
underground openings is governed by the possibility for blocks and wedges to slide or fall 
into the opening. The Voussoir beam theory or compressed arch theory is a method which 
considers the state of stress around the opening in the equilibrium analysis of blocks and 
wedges.  
 
Compressed arch action 
 
An arch is a construction which mainly transfer load as compressive force. The classical arch 
is a number of blocks arranged in such a way that the joints transfer only compressive forces 
(Stille et al., 2004).  
 

 
 
Figure 3.7 Transfer of load in an arch. 
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An arch can collapse in three ways 
- sliding along joints, 
- crushing of the joint surfaces or the block material, or 
- rotation of blocks. 
 
Sliding along a joint means that the shear stress exceeds the strength of the joint. Crushing or 
spalling occur when the compressive stress exceeds the compressive strength. Rotation of the 
blocks takes place if the load induces a bending moment causing a tensile stress in a joint with 
no tensile strength.  
 
The compressed arch for a certain load q(x), is obtained (Stille et al., 2004) by integration of  
 

H
xqy )(−=′′        (3.1) 

 
where H is the horizontal support reaction according to Figure 3.8. It can also be obtained 
through a simple equilibrium analysis according to Figure 3.8. 
 

 
Figure 3.8 Compressed arch. 
 
The expression for the compressed arch can also be obtained by equating the moments 
induced by the applied pressure and the horizontal support reaction. The moment induced by a 
uniformly distributed load, q, is defined 
 

q(x) 

H 

Compressed 
arch 
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The horizontal support reaction is defined 
 

HfM H = ,       (3.3) 
 
where f is the total height of the compressed arch and H is the horizontal support reaction 
given by the following relationship 
 

8

2qLH = .      (3.4) 

 
The expression for the compressed arch is then 
 

( )








−=

L
xfy

221       (3.5) 

 
The maximum load, q, which a compressed arch can carry, is determined by 
 

2max
8
L
Hfq =        (3.6) 

 
which depends on the geometry of the arch (L and f) and the lateral pressure (horizontal 
support reaction, H). 
 
The risk for sliding along joints can also be estimated using this approach.  
 
Voussoir beam theory 
 
The Voussoir beam theory also deals with the development of a compression arch. There are 
several versions of this model but we will here refer to the one presented by Diederichs 
(1999). The model considers deflection due to self weight, external loads such as load from 
the rock above, water pressure and support, and the deformability of the beam.  
 
Rock masses characterized by parallel laminations are often encountered in underground 
excavations. Laminated rock can be a result of sedimentary layering, extensile jointing, and 
rock masses created through metamorphic or igneous flow processes or through stress 
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fracturing parallel to the excavation of massive ground. This structure can be the main factor 
controlling the stability of roofs of civil excavations or mines.  
 
In most cases the rock mass is not only represented by the lamination partings but also by 
joint sets cutting through the laminations (Figure 3.9). These joint sets reduce the ability to 
sustain boundary parallel tensile stresses such as those assumed in conventional beam theory. 
However, if these joints cut through the laminations at steep angles or if reinforcement has 
been installed, one can assume that a compression arch can be generated within the beam 
which will transmit the beam loads to the abutments (Diedrichs, 1999).  
 

 
Figure 3.9 a) Jointed rock beam b) Voussoir beam analougue. (Diederichs 1999) 
 
The primary modes of failure in the Voussoir beam model are buckling or snap-through 
failure, lateral compressive failure (crushing) at the midspan and abutments, abutment slip 
and diagonal fracturing, see Figure 3.10. Abutment slip or shear failure (Figure 3.10c) is 
observed when the ratio between span and thickness is low (i.e., thick beams), while crushing 
(Figure 3.10b) and snap-through (Figure 3.10a) are observed in thinner beams. Ran et al. 
(1994) showed that if the angle between the cross cutting joints and the normal to the 
lamination plane is less than 30 to 50 % of the effective friction angle of the joints then the 
application of the Voussoir beam theory is valid. If the angle between the cross cutting joints 
and the normal of the lamination plane is larger than 30 to 50 % of the effective friction, then 
slip along the cross cutting joints and premature shear failure of the beam is likely to occur. 
 
Stimpson and Ahmed (1992) has showed in a physical model of thick laminations that 
external loading can produce diagonal tensile fracturing (Figure 3.10d) that propagates 
parallel to the compression arch, from the upper midspan to the lower abutments.  
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Figure 3.10 Failure modes of the voussoir beam. a) snap-through, b) crushing at the 

midspan and abutments, c) abutment slip and d) diagonal fracturing. 
(Diederichs 1999) 
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3.2.4 Ground reaction curve 
 
The rock mass response to the stress re-distribution taking place as a result of excavation is of 
interest in many ground control application. The Ground Reaction Curve (GRC) is a 
commonly used method for analyzing the behaviour of a tunnel. There are a number of 
analytical solutions for constitutive behaviour described in literature (compiled by Brown et 
al., 1983), based on the same principles. To be able to use analytical solutions to calculate the 
GRC, some assumptions must be made. For example, a circular tunnel with the radius ri, 
subjected to a hydrostatic pressure p0 and a uniform internal support pressure pi must be 
assumed, as shown in Figure 3.11 (Hoek and Brown, 1980). 

 
Figure 3.11 Principal definitions when calculating GRC of a circular opening. 
 
Failure of the rock mass around the tunnel occurs when the internal pressure provided by the 
tunnel support pi, is less than the critical support pressure pcr, Hoek et al., (1995). A graphical 
representation of a GRC curve is shown in Figure 3.12. 
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Figure 3.12 Graphical representation of GRC (support pressure versus radial displacement), 

after Hoek et al. (1995). 
 
When the problems are more complex with cross-sections other than circular and a more 
general virgin stress state, analytical solutions cannot be used. For these cases numerical 
models can be used to study the problem. For example, a numerical model can be constructed 
where a subroutine reduces the support in small steps by altering the boundary conditions of 
the tunnel boundary between fixed and free. For each change of the boundary condition, the 
model is run to equilibrium and the support pressure and the radial displacements are 
recorded. This procedure is done until the inner support pressure is close to zero (Sandström, 
2003). 
 
3.3 Empirical design 
 
3.3.1 Classification and characterisation 
 
The rock mass is a complex composition of rock and discontinuities and it is difficult to 
determine if a certain rock mass is suitable for construction work. Analytical and numerical 
analysis of rock mechanical problems often needs simplifications or a large quantity of input 
that might be hard to determine.  
 
Numerous classification/characterisation systems have been developed to judge the usefulness 
of the rock mass for different constructions. These systems combine the defined properties of 
the rock mass with practical experience from different kinds of constructions in rock. 
Parameters are often related to the discontinuities like number of joint sets, joint distance, 
roughness, alteration and filling of joints, are graded and compared with a graded scale that is 
calibrated for different kinds of rock construction. 
 

pi = po (in situ) 

uie – elastic dislacement 

pcr – critical support pressure 

uip – plastic displacement 

Inward radial displacement ui 

Su
pp

or
t p

re
ss

ur
e 

p i
 



36 

 

According to Lindfors et al. (2003) characterisation is defined as a description of the rock 
mass with respect to the parameters that influence the behaviour of the rock mass, e.g. the 
strength of intact rock material, joint density and joint strength. These parameters are either 
given as plain text or as numerical values, which together gives a characterisation value for 
the rock mass or a part of the rock mass. No consideration to tunnel design, state of stress or 
water leakage to an existing or intended tunnel shall be taken in characterization of the rock 
mass. The characterisation value should reflect the properties of the virgin state of the rock 
mass. 
 
Classification is defined as a valuation of the rock mass in order to be applied within 
dimensioning purposes, e.g. to choose proper reinforcement in a tunnel. Classification is 
usually performed in the same manner as characterisation. The difference is that parameters 
such as the state of stress, the ground water condition, and the joint orientation in relation to 
the tunnel orientation is taken into consideration and thereby effects the classification value 
(Lindfors et al., 2003). 
 
Rock mass classification is today the most commonly used tool in dimensioning of rock 
excavations and in assessment of reinforcement. Rock mass classification is also used for 
estimating the strength and deformation properties of the rock mass. The classification 
systems have been correlated to the Hoek-Brown and Mohr-Coulomb failure criteria. 
 
RMR (Bieniawski 1974) and the Q-system (Barton et. al., 1974) are the most commonly used 
rock mass classification systems. Both were developed for designing tunnels and rock 
caverns, but their area of application has expanded to both mining and slopes. Other systems 
are GSI (Hoek et al., 1995) and RMS (Stille et al., 1982). GSI will be presented in this 
Chapter. 
 
Rock Mass Rating (RMR) 
 
Bieniawski (1974) introduced the Geomechanical Classification System that provides a 
general rock mass rating (RMR) increasing with rock quality from 0 to 100. The rating system 
is based on experience from shallow tunnels in sedimentary rock. In 1976 a modification of 
class boundaries took place and in 1979 there was an adoption of ISRM:s rock mass 
description. Because of all these changes it is important to state which version one uses when 
RMR-values are quoted.  
 
According to Bieniawski (1989) the RMR-system has been applied in more than 260 cases, 
such as tunnels, chambers, mines, slopes, foundations and rock caverns. Bieniawski (1989) 
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also states that the reason for using this classification system is the ease of use and the 
versatility in engineering practice. The RMR-system has been calibrated using experience 
from coalmines, civil engineering excavations and tunnels at shallow depth. 
 
According to Lindfors et al., (2003) there are two versions of the system in use today, namely 
RMR76 (Bieniawski, 1976) and RMR89 (Bieniawski 1989). Furthermore, Lindfors et al., (2003) 
recommends the latter version for both characterization and classification. 
 
RMR is based upon five basic parameters: 
 
1. Unaxial compressive strength of intact rock material 
2. Rock quality designation (RQD) 
3. Ground water conditions 
4. Joint or discontinuity spacing 
5. Joint characteristics 
 
A sixth parameter, orientation of joints, can be used for specific applications in tunnelling, 
mining and for foundations.  
 
Every parameter is measured or estimated and rated. The ratings are the results of empirical 
observations and show the importance of the universal parameters. The sum of the ratings of 
the different parameters is the RMR-value for the rock mass which ranges from >80, Class I, 
very good rock, to < 20, Class V, very poor rock. 
 
Table 3.3 Geomechanical classification (RMR) of rock masses (Bieniawski, 1974, Hoek 

and Brown, 1980). 
 

Sum of rating 
increments 

Class Description of rock 
mass 

81 - 100 I Very good rock 
61 - 80 II Good rock 
41 – 60 III Fair rock 
21 - 40 IV Poor rock 
<20 V Very poor rock 

 
The parameters of the RMR system are easily obtained from either borehole data or 
underground mapping. Most of the applications of RMR have been used in the field of 
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tunnelling but also in various types of slopes, caverns and different mining applications and it 
can be used, for instance, for selecting the permanent support system. 
 
Q-system 
 
The Q-system or the Rock Mass Quality -system created by Barton et al., (1974) was 
developed at the Geotechnical Institute of Norway. The classification method and the 
associated support recommendations are based on more than 200 cases of tunnels and 
excavations, ranging in depth from 5 to 2500 m, mainly in Scandinavia.  
 
Updating of the Q-system has taken place on several occasions and was in 1993 based on over 
1000 case records. The original parameters of the Q system have never been changed, but the 
rating for the stress reduction factor (SRF) has been altered by Grimstad and Barton (1993) an 
d Barton (2002). 
 
The Q-system combines six parameters in a multiplicative function 
 

SRF
J

J
J

J
RQDQ w

a
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=      (3.7) 

 
where 
 
 RQD  =  Rock Quality Designation, 
 Jn =  joint set number, 
 Jr = joint roughness number (of least favourable discontinuity or joint set), 
 Ja = joint alteration number (of least favourable discontinuity or joint set), 
 Jw = joint water and pressure reduction factor, and 
 SRF = stress reduction factor-rating for faulting, strength/stress ratios in hard 

massive rocks, and squeezing and swelling rock. 
 
Numerical values are assigned to each parameter of the Q-system according to detailed 
description in the article by Barton (2002).  
 
The Q-system and the RMR system include somewhat different parameters and cannot 
therefore be strictly correlated. An attempt to compare them was proposed by Bieniawski 
(1976) 
 

44log9 += QRMR       (3.8) 
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The rock mass has been divided into nine categories based on the Q-value, as can be seen in 
Table 3.2. The Q-system is recommended for tunnels and caverns with an arched roof.  
 
Table 3.4 Q-value and rock mass quality (Barton et al., 1974). 
 

Q-value Rock mass quality for tunnelling 
0.001 - 0.01 Exceptionally poor 
0.01 - 0.1 Extremely poor 
0.1 - 1.0 Very poor 
1 - 4 Poor 
4 - 10 Fair 
10 - 40 Good 
40 - 100 Very good 
100 - 400 Extremely good 
> 400 Exceptionally good 

 
One of the advantages of the Q-system is that there are detailed recommendations of the 
reinforcement requirements. These recommendations are divided into 36 different 
reinforcement classes based on rock mass quality (Q-value) and the size of the cross section. 
 
Geological Strength Index (GSI) 
 
The Geological Strength index or the GSI was introduced by Hoek et al., (1995) as a 
complement to their generalised rock failure criterion and was a way to estimate the 
parameters of the criterion, namely s, a and mb. The GSI estimates the reduction in rock mass 
strength for different geological conditions. GSI can be calculated through RMR and Q, but 
can also be estimated through classification. For better quality rock masses (GSI>25) GSI can 
be calculated by using rock mass rating: 
 

'76RMRGSI =  for RMR76’>18 and    (3.9) 
 

5'89 −= RMRGSI  for RMR89’>23.    (3.10) 
 
Both versions assumes dry conditions, i.e., assigning a rating of 10 in RMR76 and a rating of 
15 in RMR89 for the groundwater parameter in each classification system and that no 
adjustment for joint orientation should be made (Hoek et al., 1995). Hoek and Brown (1997) 
recommended that RMR should only be used to estimate GSI for better quality rock masses 



40 

 

(i.e., GSI>25 and values of RMR76’>18 and RMR89’>23). Hoek et al. (1995) suggests that the 
Q-system shall be used for poor quality rock masses accordingly 
 

44'ln9 += QGSI      (3.11) 
 
and in doing so, setting both joint water reduction factor (Jw) and stress reduction factor (SRF) 
to 1. 
 
The intention of the GSI system is to determine the properties of the undisturbed rock mass, if 
this is not possible, adjustments must be applied tofor the GSI-values.  
 
Although GSI was introduced as a classification system by the authors, according to the 
definitions of classification and characterization by Lindfors et al., (2003) GSI is a 
characterisation system and is not used for design purposes. 
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4 CASE STUDIES 
 
4.1 Introduction 
 
Much can be learned by studying experience from cases of shallow seated tunneling in hard 
rock. Search for suitable literature has been done through databases that are available at the 
University library (for instance Compendex) and available proceedings from conferences, 
reports and theses. International journals like the International Journal of Rock Mechanics 
and Mining Sciences has been searched through. A great number of cases have been reported 
in the literature regarding tunneling at shallow depth. However, the majority of the papers 
published in the international journals are cases where the ground is weathered, heavily 
jointed and/or consists of soft rock types. The main task in these projects has been to maintain 
stability during the excavation phase as well as for the whole lifetime of the tunnels. Spiling, 
jet-grouting and freezing of the ground are typical methods used for the stabilization. Hence, 
the focus in most of the papers is on support and reinforcement of tunnels in poor ground. 
Some papers reporting from tunneling in rock with better quality have also been found and are 
presented here. Up to date it has been difficult to get proper information from some of the 
Swedish projects. This is because these projects have not been reported in public reports or 
papers and some material may be classified. Also, a visit has been made to a tunnel 
construction, Götatunneln, in Göteborg. This tunnel construction will be described later in this 
chapter. 
 
4.2 The Lafayette Bluff Tunnel South Portal, Minnesota, USA 
 
The Lafayette Bluff tunnel is an 18 m wide hard rock highway tunnel located on the 
northwest shore of Lake Superior that was opened for traffic in the fall of 1991. The tunnel 
cross section has vertical side walls and a low arch, large radius roof, 18 m wide and 9 m 
high. The shape of the tunnel was a result of the extreme tunnel width and the low cover. 
 
The Lafayette Bluff project is located in a geologic domain consisting of a thick sequence of 
volcanic flows intruded by complex shaped diabase sills. Nearly all rock excavation occurred 
in the Lafayette Bluff sill, which is bounded by steeply dipping contacts with the volcanic 
rock host. Soil cover consists primarily of glacial or lacustrine clays and residual soils 
resulting from weathering of the bedrock. The site has low horizontal stress due to the 
topography of Lafayette Bluff.  
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Figure 4.1 Plan view of Lafayette Bluff project site (Petersen and Nelson, 1993) 
 
The diabase rock mass is cut by a complex joint system where most mapped joints dipped 
steeper than 60° and were tight, rough and hard rock-to-rock contact with little or no soft, 
friable filling. Many joints could be traced up to a length of 20 m, but were not necessarily 
continuous or planar for the entire length. The rock cover above the tunnel crown ranged from 
about 4 m to about 27m. For about 60% of the tunnel length, the cover was less than the 
tunnel width. Q-ratings for the Lafayette Bluff tunnel (Petersen and Nelson, 1993) were in-
between 0.18 (poorest) and 25 (best). 
 
Tunnel excavation was by controlled blasting, with multiple top headings and benches. Rock 
support and lining consisted of external portal beams, rockbolts and reinforced shotcrete. 
 
Excavation of the southeast open cut showed a series of gently dipping clay filled seams 
spaced about 3 m apart. Limited exposure of the seams in the sidewalls of the open cut 
showed that the seams where generally parallel to ground surface and dipping up into the 
headwall.  
 
Numerical analyses were conducted by Peterson and Nelson (1993). The program FLAC was 
used to analyze the tunnel without clay seems, with horizontal clay seems that was 
encountered during excavation and with the vertical clay seems that were assumed during 
design. The predicted vertical displacement of the tunnel crown for the model with two 
horizontal seams was about 22 mm and reduced to 12 mm when the analysis was conducted 
using the reinforcement.  
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Measurements (with an inclinometer) showed that the roof initially deflected upwards at the 
stage of advance. Subsequent measurements showed that the final deflection was downward. 
The following mechanism was assumed for each tunnel blast: 1) very limited upward 
movement of the tunnel overburden, 2) reduced normal stress on the horizontal seams, 3) 
seam shear occurred, and 4) the seams dilated due to the shear displacement. If the 
phenomenon occurred, the deflection of the tunnel roof caused solely by removal of support 
cannot be inferred from the inclinometer results. However, a minimum of 4 mm to 5 mm of 
downward deflection occurred. 
 
The measured deflections 2.4 m above the tunnel crown are about a factor of three smaller 
than the predicted deflections of 12 mm. Two of the several factors that might contribute to 
this difference were investigated by conducting additional analyses. The parametric study was 
generated by conducting analysis with: i) two horizontal seams or no seam and ii) the original 
moduli, two times the original moduli, or four times the original moduli. 
 
It was shown that the predicted deflections were relatively insensitive to the shear and bulk 
moduli of the rock material. Conversely, removing the two horizontal seams from the model 
reduced the predicted deflections to about 60 percent of the value with seams. The deflections 
of the model with no seams were about 1.5 times the measured deflection. 
 
From this parametric study it could be concluded that the seams were somewhat stronger than 
anticipated, or that some other characteristics of the model had significant influence upon the 
predicted deflections. 
 
Petersen and Nelson (1993) also concluded that there were three justifications for conducting 
numerical analysis during project design: i) numerical analyses have become so standard 
during design of civil work projects that analyses are necessary to meet standard-of-care 
requirements, ii) statics-based design calculations are often more conservative than techniques 
that consider deformations of the structure and iii) the principal goal of numerical analysis is 
insight, rather than a specific design answer. For an engineer who will be involved in 
construction decisions about tunnel support, this insight is invaluable. 
 
4.3 Tunnel under the Apache trail highway, Arizona  
 
The tunnel under the Apache trail is not particularly large, measuring 5.8 m high, 6.1 m wide 
and 120 m long. However, the low cover under the Apache trail highway (approximately one 
tunnel height), and the necessity to keep the highway open during construction makes this an 
interesting case.  
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The tunnel was excavated in a Precambrian rock unit termed M1 dolomite, except from the 
north portal where a M2 dolomite was encountered. The M1 dolomite is a moderately hard to 
hard (UCS = 170 MPa) rock, moderately to slightly fractured. The M2 dolomite is similar to 
the M1 dolomite, but is more fractured and contains shaley interbeds which accentuate the 
bedding. Both rock types appear to be competent rock in fresh rock cuts, (Scott and 
Kottenstette, 1993). 
 
Most joints are discontinuous and closely to moderately spaced. The continuous joints are 
widely spaced. The RMR rating was estimated by Scott and Kottenstette (1993) to about 60 
and the Q rating to about 2.0 for the M1 dolomite and slightly less for the M2 dolomite. 
 
Stability analysis using stereographic projections and block theory were conducted by Scott 
and Kottenstette (1993). These analyses showed that blocks could be formed in the walls and 
roof of the tunnel. Reinforcement was designed from the point of view from the stability 
analysis and included rock bolting and shotcreting of the tunnel walls.  
 
Further precautionary actions taken in the excavation of the difficult part under the highway 
were supporting of the rock between the Apache trail and the tunnel prior to the excavation, 
excavation of a pilot tunnel, and other restrictions on construction sequencing. 
 
The tunnelling proceeded without stability difficulties except for some toppling of a fault zone 
in the west wall of the northern part of the tunnel. Monitoring during construction showed 
negligible rock movements, indicating that precautionary measures used where successful. 
 
4.4 Tunneling projects in Sweden 
 
Shallow seated tunnels are also constucted in Sweden. There are a number of tunnels, mostly 
in urban areas, that are interesting for this project. As stated in the beginning of this chapter, it 
has been hard to get hold of rock mechanical information but still there is some interesting 
cases to present. 
 
4.4.1 The Stäket Tunnel 
 
The Stäket tunnel is a 348 m long railway tunnel and is a part of Mälarbanan. The tunnel has a 
section of about 100 m that has a cover less than 2 m, and at some points none. The tunnel, 
which has a cross section of an 122 m2, passes through a private housing area. 
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The bedrock in the area consists of gneiss-granites and greenstone but sedimentary gneisses, 
younger granites and pegmatites also occur. Furthermore, the bedrock has a fair quality with a 
few weathered regions. In the western part of the tunnel, where the cover is low, the rock is 
jointed and partially weathered.  
 
The strike of the foliation is 50-60° (perpendicular to the tunnel orientation) dipping sub-
vertically. 
 
One pre-bolted and shield grouted section of the tunnel showed vertical movements. The rock 
and ground above the tunnel heaved slightly (3-7 mm) when the excavation passed through 
and subsided to some extent when the tunnel was further excavated. The cover in this section 
was 3 m (Fredriksson and Wolf, 1999). 
 
4.4.2 The Södra länken project 
 
The Södra länken is a part of the Ringen project in Stockholm, which is a planned highway 
around the inner city of Stockholm. The Södra länken is fully excavated and installation work 
is presently being done. The tunnels are planned to be fully operational in October 2004. 
 
The Södra länken consists of two tunnels with the main tunnel about 6 km long. The tunnels 
are built to reduce noise and pollutions. The Södra länken project includes altogether 13 km 
of traffic tunnels and additional service facilities and work tunnels. The span of the tunnels 
ranges from 8 to 28 m and the overburden varies from none at some points to 5 m in the 
shallower sections (Gerken and Renner 2000). 
 
Search for information about this project is still ongoing since this is an interesting project and 
so far limited rock mechanical information has been found. 
 
4.4.3 Arlandabanan 
 
In the late summer of 1997 the excavation of Arlandabanan was carried out. The larger part of 
of the work was done with low overburden, large span and in relatively bad rock conditions 
under the terminals of one of Europe’s largest airports.  
 
The project was unique in Sweden especially since the design work was done simultaneous to 
the rock excavation, so called “active design” or “design as you go”. For every blast, 
geological mapping was carried out by the shift working geologist. Weekly follow-ups were 
performed where the deformations and drilling rates was measured and joint mapping was 
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conducted. These follow-ups were then used along with weekly visits at the excavation site to 
determine the amount of reinforcement that was needed (Chang and Hellstadius, 1998). 
 
Stress measurements showed a region where σh ≈ 0 at shallow depth. This was explained with 
the existence of a destressed nappe at the ground level. (Gerken and Renner, 2000) 
 
A phenomenon that was discovered through extensive measuring on the ground surface was 
that deformations on ground level appeared 20-40 m in face of the excavation. The 
deformations reached a maximum heaving of about 10 mm straight above the excavation face. 
The ground surface showed a subsidence when the tunnel was further excavated (Manell, 
1998; Forhaug, 1997). 
 

 
Figure 4.2 Schematic illustation of the deformation process on the ground level in 

proportion to location of the excavation, after Forhaug (1997). 
 
4.4.4 The Göta Tunnel 
 
The Göta route is a part of the national route 45 and located along the Göta river. The route is 
important both for the municipality road network and the national road network. The Göta 
route is exposed to heavy traffic which brings environmental problems like noise, pollutions 
and traffic accidents. By moving the traffic to a tunnel the environmental problems and 
accidents can be reduced. 
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The road tunnel that consists of two tubes will be about 1600 m long, where 1000 m is a rock 
tunnel and 600 m is a concrete tunnel. Each tube is 16 m wide 7.5 m high, see Figure 4.3.  
 

 
Figure 4.3 Work in progress in Götatunneln. 
 
The rock mass is primarily made up by schliere gneiss with intrusion of pegmatite and 
amphibolite. The rock mass is jointed by numerous joint systems, where the main joint 
direction follows the foliation of the bedrock and the other joint directions are normally 
dipping vertically crosswise the tunnel. The stability is predicted to be controlled by the main 
joint sets and the state of stress around the tunnel tubes, Eriksson (2003). 
 
Since the tunnel is built in an urban area it is important that subsidence does not occur. To 
prevent subsidence, the parts with poorer rock are reinforced not only with bolts and shotcrete 
but also with lattice girders. Extensometers have been used in the tunnel to measure possible 
deformations. Up to present, no large problems with subsidence has occurred. 
 
Numerical analysis has been undertaken to assess the state of stress around the tunnels and 
stability and deformation analysis under two pillars of the Hasselblad house (Vägverket, 
1996). The stress analysis was undertaken because the most obvious stability problem was 
assumed to be wedge fallouts followed by a progressive collapse. These problems can be 
observed in the model as sections with very low stresses or alternatively sections with tensile 
stress.  
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The analysis showed that with low horizontal stresses, unfavourable tensile stresses can arise. 
This in combination with a weathered weakness zone is suggested as a stability problem. 
When the stress levels were measured afterwards, they were seen to be larger than anticipated. 
 
4.4.5 The fast tramway tunnel in Traneberg 
 
The fast tramway was one of the six major improvements to the public transportation system 
in Stockholm. The fast tramway was built on the extension Gullmarsplan – Årsta – 
Liljeholmen – Stora Essingen – Alvik. 
 
The 11.2 m wide tunnel passes through a section of 4 m with an extremely low overburden (1-
1.5 m of rock overlayed by 10 m of clay). Furthermore, a house is located on the ground 
surface right above the tunnel. The foundation of the house is piled and every single pile is 
assumed to distribute a load of 20 tonnes (Brantmark et al., 1999). 
 

 
Figure 4.4 Principal placement of the real estate, tunnel and foundation (Brantmark et al., 

1999). 
 
The tunnel design was based on the idea that the rock mass reinforced by fibre reinforced 
shotcrete, bolting, spiling and reinforced shotcrete arches would form an arch strong enough 
to support the loads of the overburden and the piles.  
 
Since the geotechnical conditions were to a great extent unsure, the project was carried out by 
active design. Active design means that a prediction of the conditions was done ahead of the 
face. Observations were documented and evaluated. and based on this, measures were taken if 
necessary. 
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The excavation of this passage was carried out in two steps. In the first step a pilot tunnel was 
excavated. The pilot tunnel was mapped continuously to obtain an accurate prognosis before 
increasing the tunnel to the final dimension. The dimensions of the pilot tunnel were 6.5 x 6m. 
 
In step two the tunnel was stoped to its full dimensions and spiling was installed. The purpose 
of the spiling was to give the rock mass such stability that large deformations and collapse of 
the tunnel could be avoided even if the quality of the rock mass was so low that a bearing arch 
could not form. Since the piles from the house above the passage are within 1.5 m from the 
tunnel roof, very cautious blasting was necessary to avoid damage to the piles and 
unnecessary deformations.  
 
A risk analysis was conducted where some problem areas due to the shallow depth and water 
inflow where identified (Brantmark et al., 1999): 

•  If the deformations in the tunnel roof are too large, subsidence of the house and even 
breakage of plumbing in the ground can occur. 

•  Fallouts of key blocks (and smaller blocks) can lead to larger deformations in the 
tunnel roof than allowed. 

•  A large inflow of water decreases the pore water pressure in the soil, which in the long 
term leads to subsidence of surrounding buildings. 

•  A tunnel collapse might lead to a total collapse of nearby buildings. 
•  Large vibrations can lead to subsidence or cracking of nearby buildings. 
•  Probe drilling can damage the piles which may lead subsidence of buildings above the 

tunnel. 
 
An extensive measurement program was carried out parallel to the excavation process. The 
program included mapping of the rock mass after every blast, convergence measurements, 
levelling of the house, extensometer measurements to measure deformations on the rock 
surface in relation to the ground level, measurements of the ground water level and probe 
drilling before every blast. The excavation and reinforcement was adjusted from the results of 
the measurement program (Brantmark et al., 1999). 
 
Stress measurements showed that the major principal stress in this section was horizontal and 
ranged from 3.5 to 7 MPa. 
 
From the measurements it was observed that the part of the building that was above the tunnel 
subsided approximately 5 mm. These deformations show that the house was exposed to a 
differential subsidence of 9 mm per 10 m, which corresponds to 1:1000. Normally, for a 
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house to be damaged, a differential subsidence of 1:500 is needed. This implies that the house 
was not exposed to harmful subsidence. It was also noted that the subsidence occurred when 
the tunnel was stoped to its full dimensions; almost no subsidence occurred when excavating 
the pilot tunnel. 
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5 NUMERICAL ANALYSES 
 
5.1 Model set up 
 
To gain a better understanding of the performance of shallow seated underground 
constructions, conceptual numerical analyses were conducted. These analyses were carried 
out using the program FLAC which is a two-dimensional explicit finite difference program 
for engineering mechanics computation. The program can simulate both elastic and plastic 
behaviour of structures built in rock and soils. Materials are represented by elements which 
form a grid that can be adjusted to fit the shape of the structure to be medelled (Itasca, 2000).  
 
In the models used in this report the rock mass is assumed to be linear elastic. The model 
consists of an inner grid with finer zones and an outer grid with coarser grid, see Figure 5.1. 
This was done in order to get a realistic behaviour of the rock mass around the tunnel and 
limit the computational time. The ratio of the zone area of the outer and the inner grids was 
set to 4, since this will give a smooth transition of displacements across the boundaries 
between the grids according to Itasca (2000). 
 

 
 

Figure 5.1 Simplified model setup for the analyses made in FLAC. 
 
5.2 Comparison of analytical and numerical solution 
 
Tests were performed to compare a FLAC model and an Examine model with an analytical 
solution after Mindlin (1939) and to be able to do this, some new input data had to be used. A 

Finer grid 

Coarser grid 
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circular tunnel had to be used in this model, along with constant horizontal stresses and no 
vertical stresses, see Table 5.1. The model size and grid size for the FLAC model in this test 
where the same as the base case, A, in the earlier tests. 
 
Table 5.1 Input data for the models that where compared to an analytical solution. 
 

Parameter Value 
Em 17.8 GPa 
ν 0.25 
σv 0 MPa 
σH 3.2 MPa 

 
The results show that the analytical solution and the Examine2D model are identical, while 
some differences can be seen in the FLAC model. One explanation for these differences can 
be that some zones are disfigured in an unfavourable way when the grid is adjusted to fit a 
circular excavation. 
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Figure 5.2 Comparison of the tangential stress distribution around a circular tunnel 

between an analytical solution, an Examine2D model and a FLAC model. 
 
5.3 Sensitivity analysis 
 
To ensure that the model has the right size, a sensitivity analysis was made. The analysis 
concentrated on the zone size, the size of the inner grid and the model size.  
 
The cross section used in all analyses is the maximum size of the standard cross section of a 
single track railway tunnel according to Banverket (2002). According to the standard cross-
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section there should be a ditch at one side where the wall meets the floor; however this is not 
done when the tunnel is excavated due to technical reasons. Instead an inclined floor is used, 
see Figure 5.3. 
 

 
 

Figure 5.3 The cross section of the tunnel used in the analyses (all lengths in m). 
 
A model was also constructed in the program Examine2D which is a two-dimensional plane 
strain boundary element program used for analysis of underground constructions in rock 
(Rock Engineering Group, 1996). This model used the same cross section as the model 
FLAC. 
 
5.3.1 Model setup and input data 
 
An overburden of 5 m was used for all models in this study. The model was fixed in the y-
direction at the bottom and in the x-direction at the vertical boundaries. The virgin state of 
stress was defined by (2.7) and (2.8) after Stephansson (1993). The material properties of the 
rock mass were chosen to resemble a normal Swedish rock mass, with a RMR-value of 60, 
from which Young’s modulus was calculated, according to Serafim and Pereira (1983), to 
17.8 GPa and a Poisson’s ratio of 0.25 was assumed. From a defined base case variation of 
the three factors was studied by comparing the base case with two other models according to 
Figure 5.4 and Table 5.3. 
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Table 5.2 Input data for the models. 
 

Parameter Value 
Em 17.8 GPa 
ν 0.25 
σv ρgz 
σH 2.8 + 0.04z 
σh 2.2 + 0.024z 

 
 

 
Figure 5.4 The different factors of the analysis, a) zone size, b) the size of the inner grid 

and c) model size. 
 

a) 
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Table 5.3 Models used in the sensitivity analysis. 
 

Inner grid Outer grid Model Model size 
Width x Height 

[m x m] 
Width x Height

[m x m] 
Zone size  

(Width x height) 
[m x m] 

Zone size 
(Width x height)

[m x m] 
A: Base case 0.25 x 0.25 0.5 x 0.5 
B: Fine grid 0.125 x 0.125 0.25 x 0.25 
C: Coarse grid 

27 x 25 
 

0.5 x 0.5 m 1 x 1 
D: Small inner grid 18 x 20 
E: Large inner grid 

70 x 50 
 

45 x 34 
F: Small model 50 x 40 
G: Large model 100 x 70 

27 x 25 

0.25 x 0.25 0.5 x 0.5 

 
To be able to verify the results obtained from analyses done in FLAC, a model was also 
constructed in the program Examine2D. The input data used for this model is according to 
Table 5.2. The boundary element size used in this model was 0.071 m.  
 
5.3.2 Results 
 
The results show that the greatest differences within the three groups occur for zone size and 
model size. Very small differences could be observed for different sizes of the inner grid, see 
Table 5.4. It could also be observed that a model with smaller zones gives a smoother curve 
over the circular shaped roof, see Figure 5.5b. The results show that different zone sizes and 
different model sizes are the most important factors to consider and that the model size seems 
to give the greatest difference. When comparing the analyses from FLAC with analyses from 
the program Examine2D it can be seen that the case with the larger model, G, and the results 
from Examine2D are most comparable. Finally, since the finer grid result in a longer 
computational time, the larger model, G, will be chosen as the base case for further analyses. 
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Figure 5.5 The tangential stress on the boundary of the a) tunnel wall and b) roof of the 

cases with different zone sizes. 
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Figure 5.6. The tangential stress on the boundary of the a) tunnel wall and b) roof of the 

cases with different model sizes. 
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Table 5.4 The results from the sensitivity analysis. 
 
Zone size B: Coarse A: Base case C:Fine 
Vertical displacement on ground surface 
(mm) 0.429 0.438 0.439 
Vertical displacement in tunnel roof (mm) 0.508 0.517 0.519 
Tangential stress in tunnel roof (MPa) 10.47 10.90 11.03 
Tangential stress in tunnel wall (MPa) -2.84 -2.88 -2.89 
Horizontal displacement on tunnel wall 
(mm) -0.551 -0.557 -0.559 
Inner grid size D: Small A: Base case E: Large 
Vertical displacement on ground surface 
(mm) 0.437 0.438 0.438 
Vertical displacement in tunnel roof (mm) 0.0517 0.0517 0.0517 
Tangential stress in tunnel roof (MPa) 10.90 10.90 10.90 
Tangential stress in tunnel wall (MPa) -2.88 -2.88 -2.88 
Horizontal displacement on tunnel wall 
(mm) -0.557 -0.557 -0.557 
Model Size F: Small A: Base case G: Large 
Vertical displacement on ground surface 
(mm) 0.454 0.438 0.411 
Vertical displacement in tunnel roof (mm) 0.525 0.517 0.497 
Tangential stress in tunnel roof (MPa) 10.22 10.90 11.39 
Tangential stress in tunnel wall (MPa) -2.75 -2.88 -2.98 
Horizontal displacement on tunnel wall 
(mm) -0.516 -0.557 -0.579 
 
5.4 Analyses of the effect of overburden and horizontal stress 
 
5.4.1 Overburden thickness 
 
In this study the effect of the thickness of the overburden on the state of stress and the 
deformations on ground surface and in the tunnel roof is evaluated. The models used are the 
new base case model G (overburden 5 m) and two other models with the overburden equal to 
2 m and 10 m, respectively. The input data is summarized in Figure 5.2 and the models are 
defined in Table 5.5. 
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Table 5.5 Input data and model size. 
 

Inner grid Outer grid Model Overburden 
[m] 

Model 
size 

W x H  
[m x m] 

W x Ht 
[m x m] 

Zone size  
(W x H) 
[m x m] 

Zone size 
(W x H) 
[m x m] 

Thin overburden 2 
G: New base case 5 

27 x 25 

Thick overburden 10 

100 x 70 

27 x 30 

0.25 x 0.25 0.5 x 0.5 

 
This analysis showed, as expected, that the tangential stress in the tunnel roof increases with 
decreased overburden, at least as long as the overburden is not damaged by blasting or 
weathering. However, the horizontal stress at the ground surface decreased with decreasing 
thickness of the overburden, see Figure 5.7. The decrease in horizontal stress on the ground 
surface is due to the increasing heave with decreased thickness, which can be seen in Figure 
5.8. It is also shown that the vertical displacements at the tunnel roof are upward, yet very 
small (less than one millimetre). 
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Figure 5.7 The tangential stresses at the tunnel roof and on ground surface for the 

different overburden depths. 
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Figure 5.8 Vertical displacement on ground surface and on tunnel roof for the different 
overburdens. A positive value means that the displacement is upward. 

 
5.4.2 Modelling different stress situations 
 
This analysis is done to evaluate how different states of stress will affect a shallow seated 
tunnel. Three different stress situations are used for this analysis, see Figure 5.9.  
The model used is the new base case, G, with three different states of stress applied. The 
vertical stress was the same for all three models but the horizontal stress was altered. The 
different virgin horizontal stresses used are presented in Table 5.6 and illustrated in Figure 
5.9. Input data for the models are presented in Table 5.5. 
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Table 5.6 Input data for modelling different stress situations 
 

Inner grid Outer 
grid 

Model Virgin state of stress Model 
size 

W x H  
[m x m] 

W x Ht
[m x m]

Zone size  
(W x H) 
[m x m] 

Zone size
(W x H) 
[m x m] 

I: 
vH

v gz
σσ

ρσ
5.1=

=
 

II: 
vH

v gz
σσ

ρσ
5.2=

=
 

G: New base 
case 

III: 
z

gz

H

v

0399.08.2 +=
=

σ
ρσ

100 x 70 27 x 25 0.25 x 
0.25 

0.5 x 0.5 

 

 
Figure 5.9 The state of stress of the different models. 
 
The analyses showed (Figure 5.9 and Figure 5.10) that heaving of the overburden is strongly 
dependent on the horizontal stress. Furthermore, an increased horizontal-to-vertical stress 
ratio induces tensile stresses at the ground surface, together with heaving. This is true if no 
horizontal stress offset exist. If the virgin horizontal stress can be assumed to be compressive 
already at the ground surface, heaving and compressive tangential secondary stresses can be 
obtained at the ground surface. 
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Figure 5.10 Horizontal stress on tunnel roof and ground surface for the different cases. 
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Figure 5.11 Vertical displacement on tunnel roof and ground surface for the different cases. 

A positive value means that the displacement is upwards. 
 



63 

 

5.5 Conclusions 
 
The preliminary analyses show that numerical analyses provide a powerful tool to study the 
effect of different factors on the performance of shallow seated tunnels (and underground 
constructions in general). The size of the models tested in this study and the computational 
time indicate that a large number of analyses can be carried out in a relatively short time 
period. This study was done in order to find an effective base case model, which gives 
sufficient accuracy and reasonable computational time. In studies of failure and plastic 
behaviour we think that this model could be used without any significant changes. 
Discontinuous models are required for analyses of the effect of geological structures. A new 
model will be developed in the program UDEC, but the main ideas from this initial analysis 
can be put into the development of the discontinuoum model.  
 



64 

 



65 

 

6 RECOMMENDATIONS AND FUTURE WORK 
 
With increasing populations in the larger cities and heavier traffic loads, tunnels can be an 
option that may improve the environmental conditions and problems with overcrowded areas 
on the ground level. Tendencies show an increase of the use of shallow seated underground 
constructions. 
 
This report is a pilot study for a larger project that investigates the stability of shallow seated 
constructions in hard rock. The objective of the main project is to identify the most important 
factors for the stability of shallow seated constructions in hard rock. This will hopefully result 
in better pre-investigations and a decrease of the total costs of the project. 
 
The main project comprises, except for this pilot study, conceptual analyses to determine the 
effect on the stability of a number of different parameters, analyses of real cases and 
formulation of guidelines for data acquisition. 
 
The conceptual analyses that were done in this pilot part will be completed and new 
parameters will be investigated. These parameters include: 
- variations in the overburden 
- variations in the state of stress 
- the effect of weathered rock through lower stiffness and strength 
- the effect of irregular topography 
 
A follow-up of a well documented project that is completed shall be done where all properties 
are brought together in a geomechanical model. Analyses of the model will give answer to 
questions of the type: 
- what factors are most important in this case, 
- if these factors are general or if they are case specific, 
- if it is possible to influence these factors, 
- if it is possible to optimize the construction, 
- if it is worthwhile using particular excavation methods in certain cases, 
- if this knowledge can be used in economical terms, such as lower construction and 

maintenance costs etc. 
 
Guidelines will also be formulated for gathering of data in pre-investigations to be able to 
obtain a more optimal design of shallow seated constructions. This includes an estimation of 
the needed accuracy of the data for a given case.  These guidelines will be based on the 
conceptual analyses and the studies of real cases. The work also includes the establishment of 
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a checklist where the specific conditions, i.e. the combination of factors gives information of 
which parameters that are necessary to be able to do a relevant analysis of the stability and 
behaviour of the construction. 
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